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ABSTRACT

Effect of Corrosion on the Seismic Response of a Single-Bent, Reinforced Concrete
Bridge. (May 2009)
Jessica Anne Harvat, B.S., Texas A&M University

Chair of Advisory Committee: Dr. Joseph M. Bracci

The effect of corrosion on a single-bent, reinforced concrete (RC) bridge subject to
seismic loading is the primary focus of this research. This work attempts to determine
the effects of decreasing rebar diameter and concrete cover spalling on the strength and
stiffness of the RC bridge. The application of these results to the field of historic
preservation will also be explored.

Through the use of static and dynamic analyses, this research shows that the
effects of corrosion only have a slight influence on the seismic fragility of the RC
bridge. The loss of three inches of concrete cover from the bridge column is shown to
have a greater effect on the strength and stiffness of the bridge than decreasing the rebar
diameter by 10%. The deformation capacity and demand both increase for bridges with
reduced reinforcing steel and concrete cover; however, the capacity increases to a greater
degree than the demand. The seismic fragility of the bridge based on deformation criteria
is greatest for the pristine structure, and it decreases as the level of damage increases.
Future work should include verifying the hysteretic behavior by accounting for

reinforcement slip caused by a loss of bond.
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1. INTRODUCTION

Aging infrastructure is currently a problem which is plaguing the United States and
costing taxpayers billions of dollars each year. In 2005, the American Society of Civil
Engineers (ASCE) estimated that the United States needed to invest $1.6 trillion dollars
into its infrastructure system over the following 5 years; additionally, it was estimated
the cost would be $9.4 billion each year for the next 20 years to fix all bridge
deficiencies (ASCE 2005). In 2002, the National Association of Corrosion Engineers
(NACE) reported that the total annual cost that is directly related to corrosion in
infrastructure is $22.6 billion (NACE 2002). Recently, the Concrete Repair Bulletin
estimated that the annual cost for rehabilitation, repair, protection, and strengthening of
concrete structures is $18-$20 billion (Emmons and Sordyl 2006). The maintenance,
repair, and replacement costs for deteriorating existing structures are substantial;
therefore, an undisputed need exists for understanding the behavior of existing structures
and for developing strategies to optimize the use of current resources (Vu and Stewart
2000).

Corrosion of steel reinforcing bars (rebar) in concrete is a common, natural
phenomenon which can accelerate the rate of deterioration of a structure, and it has the
potential to affect all types of reinforced concrete (RC) structures. Specifically, Vu and
Stewart (2000) mentioned corrosion as one of the primary causes of deterioration in

bridge decks and piers. Corrosion in reinforced concrete is initiated when chloride ions

This thesis follows the style of Journal of Structural Engineering.



penetrate the concrete cover, which ranges from about 1.5” to about 3” for bridge
structures, and react with the reinforcing steel. The ensuing chemical process alters the
mechanical and physical properties of the steel material. Once the corrosion process
begins, the effective area of the corroding rebar decreases while corrosion byproducts,
such as rust, form simultaneously on the surface of the bars; this causes an expansion in
volume which displaces the concrete. The pressure created by the corrosion process is
localized at the interface between the steel and the concrete and induces tensile stresses
in the concrete. The tensile stresses can then lead to external cracking and eventual
concrete cover spalling (Ghandehari et al. 2000; Vu and Stewart 2000).

In high seismic regions, such as California, concrete deterioration and rebar
corrosion over time may weaken structures and make them more vulnerable to future
earthquake hazards. The effects of both rebar corrosion and the subsequent spalling of
the concrete cover are the focus of this work. An example single-bent, RC bridge
designed based on typical California specifications for seismic loads is used to illustrate
the effects of corrosion and spalling on the dynamic response of RC bridges. More
specifically, this work attempts to determine the resulting effects on the strength and
stiftness of RC bridges. Additionally, the results of this work will be compared with the
results from previous work (Choe et al. 2007a, 2008) which studied the effect of
corrosion on a similar bridge, neglecting the effect of changes in stiffness resulting from
concrete cover spalling.

The results of this work can be used by engineers to assess the structural

performance of existing structures. The preservation and rehabilitation of historic



structures is important because of their value to the community. The results of this work
can be widely applied to historic RC structures in seismic regions that are affected by
corrosion in order to help determine the structural integrity over time. This work will
help enable engineers to more accurately evaluate and understand the condition and level
of safety for corroding RC structures under seismic loading. It will also allow engineers
to evaluate alternative approaches to repair and improve the performance of historic

bridges with minimal impact on their historic appearance.

In this thesis, a literature review of the current work in the field that relates to this
topic will be presented followed by a specific description and verification of the
analytical model. Subsequently, the detailed results of this work will be given. A
summary of all results, conclusions, and suggestions for future work can be found at the
end of this thesis. More details to supplement the work provided herein can be found in

the Appendices.



2. LITERATURE REVIEW

In order to understand the current state of knowledge regarding the issue of corrosion in
reinforced concrete bridges and the applications of previous work to the field of historic
preservation, a literature review was performed. The main topics of interest were the
effect of rebar corrosion and cover thickness on the strength and stiffness of a concrete
specimen. Additionally, previous research and case studies performed on historic
structures subject to corrosion were reviewed. Supplemental literature review material

can be found in APPENDIX A.
2.1  Strength

There has been a substantial amount of work done to document the effect of corrosion on
the strength of RC elements. One issue confronting such structures is the loss of bond
strength at the interface between the rebar and the concrete during the corrosion process.
Al-Sulaimani et al. (1990) showed that the effect of bond strength is relatively
substantial when no concrete confinement is present. However, work performed by
Ghandehari et al. (2000) shows that the effect of corrosion on bond strength is negligible
when a high percentage of confining transverse steel is used. Because the bridge column
in this research is designed based on the seismic provisions of California that require
high transverse steel ratios in columns to confine the core concrete and ensure significant
deformation before failure, the loss of bond strength is neglected in this work. Based on
this same justification, Choe et al. (2007a) made the assumption that the bond strength is

negligible when corrosion effects on a RC bridge column are considered.



Work performed by Castel et al. (2000) examined the ultimate behavior of
corroded RC specimens in the lab and found that beams with corrosion in the tensile
region typically exhibited a decrease in strength of approximately 20%. This value
corresponds almost directly with the average maximum reduction in the cross-sectional
area of the tensile region steel rebar (Castel et al. 2000). This means that knowing the
percent decrease in the rebar area (which can be obtained by field testing) should allow
the prediction of the expected decrease in strength; this result is supported by the first
principle in bending theory and the ACI design equations where the strength is directly
proportional to the cross-sectional area of the steel (ACI 2008). Thus, this work reported
that a decrease in bond strength has little effect on the ultimate strength of a corroded

element (Castel et al. 2000).

Vu and Stewart (2000) have examined the effect of concrete cover spalling on
structural strength. Experimental results from Vu and Stewart (2000) have shown that
cover spalling leads to a reduced concrete compression zone and thus reduces flexural
capacity. Additionally, the shear capacity is decreased because of the loss of section
depth caused by the spalling concrete cover. Again, the work done by Vu and Stewart

(2000) neglected the reduction in bond strength.

The time-dependent effect of corrosion on structural strength is another
important factor. Almusallam et al. (1996) noted that a slight increase in the ultimate
strength is observed when a small amount of corrosion occurs; however, further
corrosion results in a sharp decrease in strength. It also showed that the flexural strength

decreases progressively with an increasing degree of corrosion (Almusallam et al. 1996).



Because this research is only concerned with the effects of corrosion after the process
has propagated to a severe state, the time dependent effects of corrosion will not be

considered in this work.

Enright and Frangopol (1998) considered the time variant loss of strength due to
corrosion of steel rebar, and found that a decrease of 17% of the rebar diameter in a #11
rebar is expected over 80 years. In contrast, Choe et al. (2007a) reported a reduction of
approximately 3% in the mean diameter of the reinforcing steel in the columns over 100
years, but the maximum rebar diameter reduction between the upper and lower bounds

of the confindence interval over the same time period is approximately 7%.

The differences in expected bar deterioration between Choe et al. (2007a) and
Enright and Frangopol (1998) are explained by the different causes of the corrosion that
are assumed in each work. Because this research is closely related to the bridge model
represented in Choe et al. (2007a), a bar diameter reduction value of 10% is chosen to

account for the effects of corrosion for the lifetime of the structure.
2.2 Stiffness

Stiffness is another important quantity used to measure structural integrity; therefore, it
is necessary to examine the effect of corrosion on structural stiffness. In fact, one
previous study has shown that stiffness actually decreases faster than strength as a result
of the onset of corrosion (Li 2003b). Specifically, one example showed that a decrease in
stiffness of 40% from the original state occurred over the same time as only a 10%

decrease in strength (Li 2003b). While stiffness is important to the behavior of corroded



RC structures, there has not been nearly as much work done in this area as compared to

the strength.

Castel et al. (2000) studied the effect of corrosion on both strength and stiffness,
and the results show that corrosion in rebars in the tension region can have a significant
impact on the service behavior of a structure. Additionally, information related to the
reliability effects of corrosion induced stiffness deterioration can be found in Li et al.

(2003).
2.3 Historic Preservation

Corrosion is a widespread issue, and it affects many historic structures annually
throughout the country. In fact, many older RC structures are at higher risk for corrosion
because of their greater time of exposure to corroding elements, such as de-icing salts or
saltwater along a coastline. Many examples of historic bridges or buildings subject to
corrosion and the possibility of seismic loading exist throughout the country. This
research will help engineers understand the current condition of damaged structures to
ensure that the proper treatment is administered. The designation of a bridge as
“historic” adds to the complexity of the project, in that the historic appearance and

character of the structure should be retained to the highest degree possible.

One example of an historic structure damaged by corrosion is a 1915 reinforced
concrete, double-tiered trafficway viaduct in Kansas City, Missouri, and a case study of
this structure is given in Structure magazine (Ball 2007). Although Kansas City is not

located in a notoriously high seismic region, the corrosion problem itself was enough to



warrant a major restoration effort. The viaduct article references how exposure to
chloride ions has caused reduced steel cross-sectional areas and concrete cover spalling.
While the specific details of rehabilitative and restorative techniques is beyond the scope
of this research, this article promotes the use of one specific rehabilitation method to
passivate the active corrosion and extend the service life of the structure while

maintaining its historic qualities (Ball 2007).

To emphasize the importance of aging infrastructure, work done by Stewart and
Rosowsky (2001) noted that over 350,000 concrete bridges exist in the United States,
and the rate of structural deterioration of these bridges seems to be increasing.
Additionally, the Federal Highway Administration (FHWA) has created a National
Bridge Inventory System in order to monitor the level of deterioration of bridges in the
United States, and this inventory has been used to estimate that 150-200 bridges suffer
either full or partial collapses each year. It also estimated that roughly 45% of bridges
are currently structurally deficient and an estimated $90 billion is necessary to fix this
problem (Stewart and Rosowsky 2001). Frequently, the cost to repair corrosion-related
damage to existing structures can be approximately 25% of the original construction cost
(Stewart and Rosowsky 2001). Additionally, many older bridges have garnered historic
designations which increase the cost to protect them. An increasing number of these
historic bridges are considered structurally deficient each year, and work must be done

to ensure the protection and safety of these structures.

There has also been research performed with the goal of predicting the condition

of an existing structure without physically performing on-site inspections. One such



example of a model with that purpose has been given by Malioka and Faber (2004). This
work attempted to model the spatial variability of corrosion initiation and propagation so
that the structural and serviceability performance can be predicted (Malioka and Faber
2004). This work is applicable to cases where it is not feasible or economically efficient
to collect on-site data; however, this research assumes that enough on-site data is
obtained to understand the degree of corrosion. The results of this work suggest a more

cost-effective approach to analyzing the condition of historic structures.

One study which can be used for life-cycle or service-life analyses has been
provided by Choe et al. (2007a). This work developed probabilistic drift and shear force
capacity models for corroding RC columns in order to estimate the fragility (probability
of failure) of deteriorated structural components. This work can be applied to either new
or existing structures (such as historic structures) that are subjected to future or current

deterioration.

Another study related to condition assessment of existing structures has been
performed by Malioka and Faber (2003), and it attempted to create a probabilistic
method to quantify inspection results for RC structures. The method would help
determine the current condition, the predicted deterioration in the future, the expected
service life remaining, and the estimated service life costs for the structure (Malioka and
Faber 2003). This work would be ideal for historic structures because of the prediction
of the remaining service life length and cost estimates. This method would also help
eliminate the subjective nature of personal inspections and ensure that future

recommendations are made in a systematic manner (Malioka and Faber 2003).
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More motivation for this research comes from the fact that over 50% of bridges
in the United States are over 50 years old; this means that many bridges around the
country qualify for placement on the National Register of Historic Places (Stewart and
Rosowsky 1998). Because the rate of deterioration increases as a structure ages, many
reasons exist for why it is important to be able to adequately assess the current condition
of an existing structure (Stewart and Rosowsky 1998). Many probabilistic models, like
the one proposed by Stewart and Rosowsky (1998), account for uncertainties in material

properties, geometric dimensions, environmental conditions, and inspection data.

Most research focused on condition assessment of existing structures can be
directly applied to historic structures. However, the structural engineer should always be
sure to give adequate consideration to the historic fabric of a structure before committing

to any structural rehabilitation approach.
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3. MODEL CREATION

To evaluate the effects of corrosion on the seismic response of a bridge structure, an
accurate computer model must be created. A single-bent bridge, designed based on
typical California guidelines, is used for this work in order to facilitate the comparison
between the results of this work and those of previous studies (Choe et al. 2008; Mackie
and Stojadinovi¢ 2003). The OpenSees (Open System for Earthquake Engineering
Simulation) software created by the University of California, Berkeley is used to build a
finite element model of the RC bridge. OpenSees is an open-source code, finite element
software program which has been developed to foster computer modeling in the field of
earthquake engineering and is capable of modeling nonlinear systems with many
different materials and element types (OpenSees Computer Software 2008). Information
about the bridge dimensions, material properties, earthquake records, and corrosion

analysis cases is presented within this section.

3.1  Bridge Layout and Modeling

A three-dimensional, single-bent bridge (shown in Fig. 1) is used in this research with a
circular column cross-section and a single pile shaft foundation; both the column and
pile have identical cross-sections along their lengths. The deck spans to the abutments
(not shown in the figure) on both sides of the column are the same length. The abutment

and pile stiffnesses are modeled with springs in multiple directions.
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Fig. 1. Bridge Schematic

Fig. 2 shows a simplified version of the OpenSees model that is used. The x-
direction is referred to as the longitudinal direction, the y-direction is transverse, and the
z-direction is vertical. There are six degrees of freedom for each node in the model:

translation and rotation in the global x, y, and z directions.

g (Rz=0)

W (dz=0)

Fig. 2. OpenSees Bridge Model Representation
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As seen in Fig. 2, the pile, column, deck, and abutments are all subdivided into
separate elements for the bridge model. The column and pile elements are modeled as
nonlinear beam-column elements while the deck and the abutments are modeled as
elastic beam-column elements. The bridge dimensions are chosen to be comparable with
work performed by Choe et al. (2008) and are given in Table 1. The cover thickness
presented in Table 1 represents the clear cover from the outer surface of the concrete to

the edge of the transverse steel.

Table 1. Bridge Dimensions

Property Value
Deck Length 120 ft
Deck Thickness 84 in
Abutment Length 36 ft
Column Height 25 ft
Pile Height 44 ft
Column Diameter 63 in
Cover Thickness 3.01in

The nonlinear beam-column elements used to model the bridge column and pile
are force-based elements with distributed plasticity and five integration points along
their length. The column and pile are each subdivided into six elements of equal length.
Each element is developed using fiber-discretized, circular cross-sections containing
three different materials: reinforcing steel, unconfined concrete cover, and confined core
concrete. More detail on the material properties is given in Section 3.2.

The elastic beam-column elements used for the deck and the abutments are

defined by simply providing values for the material properties of each element. The deck
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is subdivided into ten equal elements, and each abutment is subdivided into four equal
elements.

The gravity loads applied to the structure include the self weight of all members
as well as an additional 10% of the self weight of the deck. This additional weight is
added to the bridge deck to account for any superimposed dead loads which may be
found on the structure, and it helps slightly increase the susceptibility of the column to

nonlinear geometric effects (Mackie and Stojadinovi¢ 2003).
3.2 Material Properties

The materials used for each element in the given bridge model are explained in this
section. Table 2 shows the most general material properties which are assumed
throughout the entire bridge. The longitudinal steel modeled in the column and pile are
#11 bars with a cross-sectional area of 1.41 in> and the transverse steel is modeled as #6

bars with a cross-sectional area of 0.75 in’.

Table 2. Bridge Material Properties

Property Value
f, 65 ksi
f, 4 ksi
P long 0.02

ptrans 0007
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3.2.1 Column

The concrete core, concrete cover, and steel reinforcement used to create the column
fiber sections are all defined with separate material properties, and the final section is
also given a torsional rigidity of GJ. = 2.32*10° k-in’. The bottom node of the column is
restrained from rotating around the global z-axis (torsion); however, all other column
nodes are free to move in any of the six degrees of freedom (Mackie and Stojadinovi¢
2003). The mass assigned to each node of the column is 0.035 k-s*/in based on the self

weight of the tributary area of the node.

A representation of the circular fiber elements defined within OpenSees is shown
in Fig. 3. The fiber section is composed of 96 radial divisions in the concrete core and 24
radial divisions in the concrete cover; there are 36 divisions in the theta direction for
both the core and cover. The number of fibers defined in the radial direction corresponds

directly with Mackie and Stojadinovi¢ (2003).

Fig. 3. Fiber Cross-Section



16

The concrete cover is defined using the Concrete01 material within OpenSees
which assumes that the concrete material has no tensile strength. Table 3 shows the

material properties for the unconfined, cover concrete,

Table 3. Concrete Cover Material Properties

Property Value
f, 4 ksi
1‘C'u 0 ksi
g, 0.002
& 0.005

cu

where f, is the unconfined concrete compressive strength, f, is the unconfined
concrete crushing strength, ¢_is the concrete strain at maximum strength, and &, is the

concrete strain at ultimate strength. The values used for the cover concrete properties are
commonly accepted values for unconfined concrete.

The concrete core is defined using the Concrete01 material and the confined
concrete model proposed by Mander et al. (1988). The material properties used for this

model are given in Table 4,

Table 4. Concrete Core Material Properties

Property Value
f 5.35 ksi
cc
f, 4.22 ksi
ccu
€ 0.00537

g 0.0197
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where f_ is the confined compressive strength, f., is the confined concrete crushing
strength, ¢ is the confined concrete strain at maximum strength, and &, is the

confined concrete strain at ultimate strength. The confined concrete compressive

strength used to model the core is determined using the following equation,

fl=f]2254 /1+7'9f4.f' —2%—1.254 (1)

where f, is the effective lateral confining stress (Mander et al. 1988). The confined

concrete ultimate strength and the confined concrete strains noted in Table 4 are also

calculated following the procedure proposed by Mander et al. (1988).

The stress-strain curves for the cover (unconfined) and core (confined) concrete
are shown in Fig. 4 (where compression is negative). The confined, core concrete has a
higher maximum compressive strength and reduces to a lower strength as the strain
increases, representative of the strength of the confined core after the cover has spalled
off. The unconfined cover concrete decreases to zero stress once the cover cracks and

spalls because it can no longer carry any load.
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Fig. 4. Stress-Strain Relationship for Concrete Material

The steel reinforcement is defined using the Steel02 material within OpenSees
which assumes linearly elastic behavior until the yield point is reached. Beyond yield,
strain hardening is defined based on a ratio between the post-yield tangent and the initial

elastic tangent stiffnesses. Table 5 gives the material properties for the reinforcing steel

used in the column,

Table 5. Concrete Material Properties

Property Value

f, 65 ksi

E 29,000 ksi
B 0.01

where f, is the yield strength, E is the initial elastic tangent, and B_ is the strain

hardening ratio. The material properties for the reinforcing steel are assumed to be the
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same in both tension and compression, and Fig. 5 shows the stress-strain diagram of the

steel.
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Fig. 5. Stress-Strain Relationship for Reinforcing Steel Material
3.2.2 Pile

The material properties for the pile are identical to those used for the fiber section in the
column elements, and it is assumed that the longitudinal reinforcement from the column
is continuous into the pile. However, unlike the column, the bottom node of the pile is
restrained from translating in the vertical direction (Mackie and Stojadinovi¢ 2003). The

mass assigned to each node of the pile is 0.061 k-s*/in.

Additionally, every node along the length of the pile is restrained in the
longitudinal and transverse directions with nonlinear springs to represent the effect of
the soil. Only USGS soil group B is represented in this research, and the development of

the spring stiffnesses follows the procedure set forth in Mackie and Stojadinovi¢ (2003).
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Seven P-y springs are used to represent the soil along the depth of the pile, and the
spring stiffnesses are equal in both the longitudinal and transverse directions at a given
pile depth. The ultimate load bearing capacity for each spring is determined using the

following equation, shown in Mackie and Stojadinovi¢ (2003),

Cx+C,D)yx
p, = min ( ! , ? )7/ ()
C,Dy x

where C,, C,, and C, are constants obtained from API (1993), D is the average pile

diameter, y is the effective soil weight, and X is the depth below grade. The spring

load-deflection behavior is then determined with the following relationship,

P = Ap, tanh (ﬁ y} 3)
Ap

where A is a constant for cyclic loading, k is the initial modulus of the subgrade

reaction found from API (1993), and y is the lateral deflection. Table 6 shows the

values used for each P-y spring property in the OpenSees model.

Table 6. Soil P-y Spring Properties

Property Value

C, 4.65

C, 4.35

C, 100

k 446 1b/in’
A 0.9

¢ 39°

7,‘ 137 pef
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3.2.3 Deck

The elastic beam-column elements used to model the deck are defined by the material
properties given in Table 7. There are rigid connections between the deck and the
column and between the deck and the abutments. The deck properties shown in Table 7
are given by Mackie and Stojadinovi¢ (2003) for a typical concrete, box girder deck with
a width of 36 ft. The mass assigned to each of the inner nodes of the deck is 0.319 k-
s*/in; the mass assigned to each of the two outer deck nodes (near the abutments) is
0.159 k-s’/in. These masses are calculated based on the self-weight of the tributary area

of each node along the deck.

Table 7. Deck Material Properties

Property Value

A 8,960 in’

E 3,605 ksi

G 1,502 ksi

J 7,755,150 in*
I 7,724,363 in*

I 123,533,760 in*

Z

3.2.4 Abutments
The abutment stiffness and strength properties used for this model have been proposed
by Caltrans and presented by Mackie and Stojadinovi¢ (2003). The elements used for the

abutments are defined as rigid links used only to transfer the effect of the abutment
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springs along the width of the deck. Table 8 shows the material properties assigned to

the abutments. There are no nodal masses assigned to the abutments.

Table 8. Abutment Material Properties

Property Value

A 9,000,000 in’
E 9,000,000 ksi
G 9,000,000 ksi

9,000,000,000 in*
9,000,000,000 in*
I 9,000,000,000 in*

-_—

Each abutment has four elements and five nodes; there is a total of nine springs
along each abutment which account for the bearing pads, the longitudinal abutment
stiffness, the transverse abutment stiffness, and/or the vertical abutment stiffness. To
stay consistent with the model used by Mackie and Stojadinovi¢ (2003), seat-type
abutments are modeled with a gap of 6 inches in the longitudinal direction. The deck
rests on two elastomeric bearing pads at each end (two nodes), and these pads are
modeled using springs with elastic-perfectly-plastic behavior in both the longitudinal
and transverse directions. Thus, the bearing pads account for four springs along each
abutment. Two vertical springs are also modeled for each abutment to resist vertical
motion. One spring is applied to the model to account for the transverse abutment
stiffness; this spring is modeled with elastic-perfectly-plastic behavior and zero gap. The
last two springs modeled along each abutment account for the longitudinal abutment

stiffness. There is a gap of 6 inches in the longitudinal direction; therefore, these springs
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are not activated until they have been compressed by 6 inches (i.e. the gap has been
closed). Once the gap has been closed, the longitudinal springs have elastic-perfectly-
plastic behavior as well. All springs are activated only when in compression; none of the
springs are active in tension. The values used for the abutment spring stiffnesses are

obtained by Mackie and Stojadinovi¢ (2003) and are shown in Table 9.

Table 9. Abutment Spring Stiffnesses

Type of Spring Spring Stiffness
Bearing Pads 10 k/in

Vertical Restraint 2,315 k/in
Transverse Gap Element 627 k/in

Longitudinal Gap Element 1,107.5 k/in

3.3 Earthquake Records
To be able to perform a seismic dynamic analysis on the given bridge, a suite of
earthquakes which constitutes a representative sample of expected seismic activity for
the bridge is developed. For this research, the bin method proposed by Shome (1999) is
used. This method involves creating five separate, imaginary bins based on the moment
magnitude (M) and the closest distance to the rupture zone (R) of the earthquake. The
five bins used are:

(1) SMSR — Small Magnitude, Short Range: M = [5.5,6.5]; R = [15km, 30km]

(2) SMLR — Small Magnitude, Long Range: M = [5.5,6.5]; R = [30km, 50km]

(3) LMSR - Large Magnitude, Short Range: M =[6.5,7.5]; R = [15km, 30km]

(4) LMLR — Large Magnitude, Long Range: M =[6.5,7.5]; R = [30km, 50km]
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(5) Near — Near field: M = [6.0,7.5]; R = [Okm, 15km]
The first four bins, with R>15km, are considered ‘ordinary’ ground motions, and the

fifth bin, with R<15km, is composed of ‘near-field’ ground motions (Shome 1999).

For this study, six earthquakes are chosen for each bin and are obtained from the
Pacific Earthquake Engineering Research (PEER) Center Strong Motion Catalog online
(PEER 2008). The six specific records chosen for each bin are directly obtained from
previously developed bins, with 20 earthquakes each, in Huang et al. (2008). In order to
ensure that the six earthquakes chosen for each bin are representative of all earthquakes
in that bin, the median spectral acceleration values for each bin are compared against the
corresponding spectra determined by the attenuation law developed by Abrahamson and
Silva (1997). Fig. 6 shows a comparison of the median pseudo spectral acceleration
(PSA) curves among the attenuation law, the 20 earthquake record bins, and the 6
earthquake record bins. As expected, the curves for 20 earthquakes and for 6 earthquakes

are not as smooth as the attenuation law; however, the general shapes are comparable.
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Fig. 6. Median Acceleration Spectra Comparisons
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The standard deviations of the spectral accelerations for each bin are also

compared against the expected attenuation law results, and a visual comparison is made.

Based on previous work performed by Shome (1999) and Huang et al. (2008), the

maximum difference in the standard deviation between the median records in each bin

and the corresponding attenuation law results is kept below a value of 0.2. More specific

details regarding the method used to determine the final six earthquakes for each bin can

be seen in APPENDIX B.
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Ten additional bins are created by simply scaling the records in the previous five
bins by certain determined constants. The reason for scaling the earthquake bins is to be
able to study more inelastic behavior in the bridge under seismic loads, and the method
used to determine the appropriate scale factors is based on the work done by Luco
(2001). This work states that an appropriate scale factor results in the mean and the “one
sigma level” values of the spectral displacement plots being similar between the average
of the ordinary bins and the near-field bin. The first set of scaled up records uses a
scaling factor of six for the ordinary bins and a factor of two for the near field bins; the
second set of scaled records uses a factor of eleven for the ordinary bins and four for the
near field bins. More detail on the development of these scale factors can be found in
APPENDIX B. All earthquake records used in this model are applied in three orthogonal
directions, and the two horizontal components are randomly assigned to the lateral and
transverse directions of the bridge for each earthquake. More details about each

earthquake record used in this analysis can be found in APPENDIX B as well.
3.4  Analysis Cases

The OpenSees model is used to analyze four cases which represent the extreme damage
cases related to corrosion of the rebar and spalling of the concrete cover. The first case
considers no damage; therefore, the full concrete cover thickness and full rebar
diameters are assumed for the bridge column. This case is denoted as FCFB (full
concrete cover, full rebar diameters), and it is considered to be a pristine structure. The
second case assumes that rebar corrosion has occurred, but the full concrete cover

thickness is still present. This case would be applicable in existing structures if the
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concrete cover has not yet spalled off or if the cover has been replaced back to its
original thickness using an unspecified retrofitting technique. This case is referred to as
FCPB (full concrete cover, partial rebar diameters). The third case accounts for no
decrease in rebar diameters because of corrosion; however, the entire concrete cover is
assumed to have spalled off. The third case is denoted by NCFB (no concrete cover, full
rebar diameters), and it can be seen in existing structures that are subject to concrete
cover deterioration unrelated to corrosion. The fourth case considered in this study
assumes that the entire cover has spalled off and all rebar diameters have been
decreased. The last case is referred to as NCPB (no concrete cover, partial rebar
diameters), and this is seen in existing structures when corrosion of the rebar produces

rust products that cause the cover concrete to experience tension cracking and spalling.

A constant reduction of 10% of the rebar diameter is assumed for both the FCPB
and NCPB cases; this value is chosen based on the results of Choe et al. (2007a) which
show the likely decrease in rebar diameter caused by corrosion propagation over the
lifetime of the proposed bridge. For this level of bar reduction, the corrosion is
dominated by a chloride-induced exposure condition of the bridge column: in other
words, the column is assumed to be partially submerged in seawater for 100 years (Choe
et al. 2007a). The work done by Choe et al. (2007a) shows that the expected decrease in
the mean area of longitudinal reinforcement over 100 years is about 5%; however, to
account for the differences between the upper and lower bounds of the confidence band,

a value of 10% is chosen.
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4. MODEL VALIDATION

Before actually using the model of the given bridge to obtain any results, the accuracy of
the model output must be verified. First, the strength and stiffness values and the relative
changes in those values for the four cases (FCFB, FCPB, NCFB, and NCPB) are
checked. Secondly, the static pushover curves from OpenSees are compared with those
from additional analysis programs. Additionally, the fundamental periods and mode
shapes are checked using various methods of modal analysis. The damping ratio is also
verified with two different methods using the dynamic response data created within
OpenSees. The end of this section presents some of the limitations of this model.

For most model verification purposes, the axial load applied to the column due to
its own self-weight is assumed to be 80 kips; although, the gravity load for the column
alone actually ranges from 66.5 to 81.1 kips depending on the amount of concrete cover
that has spalled off. Some model verification analyses are also run with scalar multiples
of the gravity load in order to compare the software results under more substantial axial

loads in the column.

4.1  Strength and Stiffness
The accuracy of the strength and stiffness values obtained from the static pushover
results is verified using hand calculations with assistance from software programs such
as Matlab and PCA Column.

In order to verify the stiffness values reported by OpenSees, Matlab is used to

perform a bilinear analysis on the OpenSees pushover data obtained for a column with
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roller abutment supports (no abutment stiffnesses). The ratios of the full bridge stiffness
with and without corrosion effects obtained from the Matlab bilinear analysis are
compared with those obtained from hand calculations. The corrosion effects accounted
for at this stage are a removal of 3 inches of concrete cover along with 10% of the
longitudinal rebar diameters in the column. The decrease in rebar diameter is assumed to
have a negligible effect on the stiffness due to its insignificant contribution to the
moment of inertia of the column cross-section. However, the reduction in the column
diameter as a result of removing the concrete cover has a much more significant effect
on the stiffness.

The stiffness comparison used for the hand calculations is performed by
evaluating the ratio of the moment of inertia of the concrete in the column with the cover
removed to the moment of inertia of the concrete in the full column; this value is
determined to be 0.67. This ratio can also be compared with the results of the Matlab
bilinear analyses. The ratio of the bilinear stiffness of the NCFB case to that of the FCFB
case is 0.75 while the stiffness ratio between the NCPB and the FCPB cases is 0.72. Fig.
7 shows the relationship between the base column shear and the lateral drift for the
longitudinal direction; it is clear that the FCFB case has a greater stiffness than the other

casces.
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Fig. 7. OpenSees Pushover Results

The previous stiffness ratios indicate that removing 3 inches of concrete cover
for a column with a 63-inch diameter decreases the stiffness by approximately 27%.
Thus, the change in stiffness obtained from the OpenSees analysis is verified.
APPENDIX C has more detailed information and calculations for the stiffness
verification process.

Approximate hand calculations are also done to compare the differences in
strength between the four cases for corrosion (FCFB, FCPB, NCFB, and NCPB). 1t is
important to note that a reduction of 10% of the rebar diameter corresponds to a decrease
in the rebar area of approximately 20%. Based on the direct relationship assumed
between the concrete strength and the rebar area in the ACI Code (ACI 2008), the
strength is expected to be decreased by approximately 20%. The decrease in concrete
cover is not assumed to have a significant effect on the overall strength. From the

pushover results obtained from OpenSees, the decrease in strength at 4.5% relative drift
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between the FCFB and FCPB cases is approximately 14% while the decrease in strength
between the NCFB and NCPB cases at the same level of drift is approximately 13%. The
calculations to support these values can be found in APPENDIX C. The OpenSees
results are close to the expected strength reduction from the hand calculations; therefore,
the OpenSees results are confirmed.

In addition to the hand calculations, an axial load — moment interaction diagram
developed with the commercial software, PCA Column, is used to help verify the section
capacity results reported in OpenSees. PCA Column does not account for concrete
confinement or strain hardening in the rebar; these are two things that the OpenSees
program considers in its analysis. More information about the PCA Column model can

be found in APPENDIX D.

Based on the interaction diagram developed in PCA Column, the values for the

cracking moment (M, ), the yield moment (M), the ultimate moment (M, ), the yield

ult

curvature (¢@,), and the ultimate curvature (4,,) could be determined for any value of

axial load. These values are calculated for the axial load values of 80 kips and 800 kips
and are shown in Table 10. An axial load of 80 kips is used because it is the approximate
self weight of the column alone, and an axial load of 800 kips is an easy multiple of the
self weight used to help validate the P-A effects (in a future section). APPENDIX D

shows the assumptions made when calculating these values.
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Table 10. Material Section Properties

Axial Load
Property 80 kips 800 kips
M., 33,780 k-in 39,000 k-in
M, 67,560 k-in 78,000 k-in
M e 97,800 k-in 108,000 k-in
¢y 0.000052 (1/in) 0.0000599 (1/in)
Do 0.000827 (1/in) 0.000829 (1/in)

As the interaction diagram shows, the maximum axial compressive capacity of
this column is around 14,000 kips. Clearly, the axial load capacity of this column is
much greater than the demand from the self-weight of a single column. For the
OpenSees full bridge model where the deck loads are incorporated, the axial load is
increased significantly; although, the total axial load still does not approach the capacity

given by PCA Column.

A section analysis is also performed in OpenSees to obtain the moment-curvature
diagram for the column fiber cross-section. The moment-curvature relationships for all

four cases are shown in Fig. 8.
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Fig. 8. OpenSees Moment-Curvature Results

The important moment and curvature values for the FCFB case are shown in
Table 11 for the case when the axial load is equal to the half of the self weight of the
deck plus half of the self weight of the column. This axial load value, calculated within
OpenSees, is found to be 656.5 kips. For a direct comparison with the PCA Column
data, Table 11 shows the moment and curvature values that correspond with those given

in Table 10.

Table 11. OpenSees Moment-Curvature Results (FCFB)

Property 80 kips 800 kips

M., 41,273 k-in 43,261 k-in
M, 82,545 k-in 86,521 k-in
M, 108,373 k-in 115,763 k-in
é, 0.000141 (1/in) 0.000096 (1/in)

By 0.001600 (1/in) 0.001300 (1/in)
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The moment and curvature values found using OpenSees (Table 11) are all
slightly higher than those found using PCA Column (Table 10). The reason for these
differences is because different assumptions are used when calculating the yield and

ultimate curvature values. More detail on this topic can be seen in APPENDIX D.

4.2  Validation of Static Pushover

In addition to the strength and stiffness verifications made using the static pushover
results, second order p-delta (P-A) effects and the general shape of the pushover curves
are checked. The pushover analysis performed in OpenSees is a displacement controlled
analysis, and the pushover force is applied at the top node of the column.

One program that is used to help verify the OpenSees results is a program called
‘Inelastic Damage Analysis of Structural Systems,” or IDASS (Kunnath 2003). Two
comparison studies are performed between OpenSees and IDASS for a single RC
column (no pile, deck, or abutments): one with an 80 kip axial load and one with an 800
kip axial load. For each axial load case, two analyses are performed: the first analysis
accounts for second order P-A effects while the second analysis neglects P-A effects. For
more information regarding the modeling differences between IDASS and OpenSees,
refer to APPENDIX E.

Fig. 9 shows the results from IDASS and OpenSees for the 80 kip axial load. The
IDASS results show a decrease in base shear of 4.8 kips between the linear and P-A
cases at 6% drift while the OpenSees results show a difference of less than 1 kip

between the linear and P-A results for the same scenario.
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Fig. 9. Pushover Comparison (80k)

It can be seen in Fig. 9 that the IDASS model begins to yield near the same level
of drift as the OpenSees model; however, the strength is slightly greater in the OpenSees
model. Additionally, the IDASS model shows a defined change in stiffness at the point
where the concrete cracks, but the OpenSees results do not show this. For the IDASS
model, it is assumed that the cracking moment is exactly half of the yield moment. Fig.
10 shows similar results for the 800 kip axial load case. As expected, the higher axial
load increases the P-A effect; however, the IDASS model still shows a much higher

decrease in maximum base shear than the OpenSees model.
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Fig. 10. Pushover Comparison (800k)

The reason why the pushover results from IDASS show a more drastic difference
in the results when the P-A effects are accounted for is because of the difference in
defining the A value. The A value in IDASS is defined to the centroid of the column
cross-section while the A value within OpenSees is defined to the neutral axis of the
cross-section. Since the neutral axis of the fiber cross-section within OpenSees is
constantly shifting during the static pushover analysis, this A value is less than the one
assumed within IDASS.

A second program used to validate the pushover results for the single column
obtained from OpenSees is USC _RC (Esmaeily 2001). This program is used to verify

the general shape of the pushover curve for the 800 kip axial load; it does not include the
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option of accounting for or neglecting P-A effects. More information on this program can

be found in APPENDIX E as well.

As shown in Fig. 11, the shape of the USC_RC pushover curve is very similar to
the OpenSees results. The slight bump shown in the USC RC results is not seen in the

OpenSees data because the reinforcing steel material models are slightly different.
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Fig. 11. USC_RC Pushover Curve (800k)

Overall, the static pushover results from the OpenSees model are comparable to
those obtained using IDASS and USC RC. There are slight variations in all three
models which prevent them from providing identical results; however, since they all

seem relatively close, the OpenSees static pushover results seem to be correct for this

model.
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One unique issue encountered with the OpenSees fiber model is the fact that that
during the static pushover analysis of the full bridge with the abutment stiffnesses added,
the top node of the column displaced vertically upward, causing a steady increase in the
axial load in the column from approximately 800 kips to 1,300 kips. The best
explanation for this behavior is made by examining the stresses at the center of the fiber
section, the point where the nodal displacement is recorded. Upon further analysis, it is
determined that throughout the entire pushover analysis, the center of the cross-section
remains in tension. Since the section rotates about its neutral axis during the pushover
analysis, all points in tension are displaced upward while those in compression are
displaced downward. Since the abutments restrict the top of the column from displacing
downward at all, the rotation of the section moves the top node vertically upward,
resulting in an increased axial load. This phenomenon is not seen in IDASS or in

USC_RC.

4.3  Modal Analyses

While the pushover data is useful for verifying the static structural response, a series of
modal analyses is performed to verify the dynamic properties of the OpenSees model.
There are two main purposes for performing a modal analysis for the given bridge
structure. First, a modal analysis helps to show how the structure will behave under
dynamic loading. Typically it is important to understand the general behavior of a
structure so that it can be designed to avoid its fundamental frequencies. Secondly, the
modal analysis is also important for finding the fundamental periods for the longitudinal

and transverse directions; these values are used to find the expected displacement values
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from specific earthquake response spectras. The spectral values are then compared with
the maximum displacement values obtained with the OpenSees dynamic analysis to see
how closely the spectra matched with the analytical model.

Several different procedures for obtaining the fundamental frequencies and
periods for the longitudinal and transverse modes are performed to ensure that the values
obtained are accurate. There are seven different methods used for the comparison study,
and each method is explained in detail in APPENDIX F. Two different abutment types
are also used in order to help check expected values. The first abutment type is a true
roller support with restraint only in the vertical direction. The second abutment type is
denoted as the Caltrans abutment, and it is restrained in the vertical, longitudinal, and
transverse directions with springs to represent the stiffness of the abutment. More details
about the Caltrans abutment can be found in Section 3.2. Lastly, it should be noted that
only the FCFB case is used for the modal analysis comparisons shown in APPENDIX F;
however, two final modal analyses are performed on all four bridge cases (FCFB, FCPB,

NCFB, and NCPB) for the final bridge configuration.

In order to choose the most accurate values for the longitudinal and transverse
periods to be used with the earthquake response spectral data, each of the methods given
in APPENDIX F are compared. Table 12 shows a concise comparison of the periods for
the longitudinal, transverse, and vertical displacement modes for the Caltrans abutment

case found from each analysis method.
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Table 12. Modal Analysis Period Comparison - Caltrans

Mode

OpenSees ETABS Matlab Matlab ~ OpenSees Hand PEER

“eigen” FFT TDD Pushover Calculations Report
Longitudinal 0.2982 - 0.6068 0.6023 0.4762 - -
Transverse  0.1816 - 0.2979 0.3011 0.2011 - -
Vertical 0.6061 - 0.0972 0.0975 0.0848 - -

Table 13 shows a similar comparison of the periods for the roller abutment case.

Note that the ETABS and hand calculations are only performed for the roller abutment

case. The ETABS model also does not report a vertical displacement mode when the

modal analysis is performed. The PEER Report (Mackie and Stojadinovi¢ 2003) also

does not report a period for the vertical displacement mode.

Table 13. Modal Analysis Period Comparison - Roller

Mode OpenSees ETABS Matlab  Matlab  OpenSees Hand PEER

“eigen” FFT TDD Pushover Calculations Report

Longitudinal 0.0909 0.4509 0.6425 0.6399 0.5518 0.4500 0.5500

Transverse  0.6424 0.5561 0.7447 0.7313 0.6172 0.4500 0.6400
Vertical 1.6939 - 0.0900 0.0898 0.0848 0.0410 -

Based on the discussion and results presented in APPENDIX F, it is clear that the

ETABS results are not very accurate for the Caltrans case due to modeling difficulties.

The values obtained from the OpenSees “eigen” command leave much room for doubt

based on the explained first mode presented. The results obtained from the OpenSees

pushover curves can be debated based on the stiffnesses chosen for the first part of the

bilinear analysis. In other words, the initial stiffnesses are approximate and are based on
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the conditions used to develop the bilinear curve. The FFT and TDD analyses are both
useful because they use response data obtained directly from OpenSees to determine the
frequencies. Therefore, there are no errors introduced from building a new model. The
hand calculations are relatively inaccurate due to the simplifying assumptions made;
however, they do give good approximate values for the periods. The PEER report is also
inaccurate for this bridge because the model used to obtain those periods is slightly

different and not completely well defined (Mackie and Stojadinovi¢ 2003).

As a result of the modal analysis verification, a range of periods is chosen for
analyzing the OpenSees model data. The OpenSees pushover results seem to give a
relatively accurate lower bound on the expected periods while the Matlab FFT results
give a fairly accurate upper bound. For all response spectra calculations and

comparisons, the results will be presented using the Matlab FFT periods.
4.4  Damping Verification

One benefit of performing the Matlab FFT analysis is that the free vibration response
data is also used to verify the level of damping in the structure. Two different methods
are used to calculate the damping ratio: the logarithmic decrement method and the half-
power bandwidth method. Both methods are performed to check damping ratio of the
free vibration response data for the longitudinal direction with both the Caltrans and
roller abutments. The equivalent viscous damping ratio input into the OpenSees model is
2%.

APPENDIX G presents more detailed information and exact calculations for

determining the damping ratio. The results of the logarithmic decrement method verified
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that the structure is experiencing 2% damping; the Caltrans case showed a damping ratio
of 1.95% while the roller abutment case showed a damping ratio of 1.94%.

The second method used to verify the damping ratio is the half-power bandwidth
method. This method requires that the response data be transformed into the frequency
domain. This is easily done using the FFT procedure in Matlab, and more detail can be
seen in APPENDIX G. Similar to the logarithmic decrement method, the half-power
bandwidth method confirmed the damping ratio to be approximately 2%. The Caltrans
case resulted in a damping ratio of 2.1% while the roller abutment case showed a

damping ratio of 2.09%.

45  Limitations

Although this model is accurate enough to provide the comparison data that is desired
for this research, the limitations of the OpenSees model must be clearly presented. First
of all, the assumed 10% decrease in rebar diameter due to corrosion is based on the work
performed by Choe et al. (2007a) for concrete specimens in a “splash zone” where there
is high exposure to both salt water and oxygen. This is not the only type of corrosion that
a RC structure could be exposed to, nor is it necessarily the most severe case of
corrosion possible. Additionally, Choe et al. (2007a) assumed that the initiation time for
corrosion is based on Fick’s Second Law for chloride permeation through undamaged
concrete; however, if the cover concrete is cracked then the corrosion initiation time
could be significantly shorter than the time assumed. A significantly faster rate of
corrosion and a greater decrease in rebar area over the lifespan of the structure might

result.
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Another limitation of this model is that it only accounts for extreme cases for the
lifetime of the structure. The model does not account for the time-dependent effects of
corrosion; instead, it just compares the pristine structure with the most severely damaged
case (no concrete cover and reduced rebar diameters).

This model also assumes that the corrosion level is uniform from the bottom of
the pile to the top of the column. Although, this is probably not the most likely case, it
does yield conservative results. The model also neglects the effects of localized, or
pitting, corrosion. Additionally, the given OpenSees model assumes that the full cover
thickness spalls along the entire length of the column and the pile. Again, this is not
completely realistic because real structures would most likely be repaired before the
damage progresses to this state. However, this assumption does constitute a “worst case”
scenario for comparison purposes.

Another assumption made in the OpenSees model is that the abutment springs do
not degrade or sustain damage over time as a result of the cyclic loading. Especially in
the longitudinal direction where the gap is set at six inches, it is assumed that the bridge
does not hit the abutments (i.e. the gap is not closed) more than once or twice for each
earthquake. Therefore, the effects of abutment damage are assumed to be negligible.

This research also assumes that the strength and stiffnesses losses due to
corrosion are accounted for by modeling the decrease in rebar cross-sectional area and
the decrease in concrete cover. It is assumed that the effect of the loss of bond between
the concrete and steel is negligible; although, this may not be the case in all situations.

The bond deterioration might result in a loss of strength as well as a more degrading
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hysteretic behavior. Even though corrosion in the reinforcing steel occurs, the stress-
strain behavior of the reinforcing steel is assumed to remain the same for both the
pristine and the corroded specimens.

Additionally, this model is only directly applicable to single-bent, RC bridges
subject to corrosion and seismic loads where the abutment stiffness is very significant in
one direction. In this research, the transverse abutment stiffness is large enough in
magnitude to help offset the increase in period expected by inducing damage in the
column. If a bridge with multiple bents is analyzed, the transverse period is expected to
be less dependent on the transverse abutment stiffness; therefore, a more significant
difference between the undamaged and damaged columns in the transverse direction is
expected.

Lastly, the results presented herein have been developed based on the behavior of
one bridge with a representative sample of earthquake records for California. More
certainty in the results would be expected if a suite of bridges with different geometric
properties are analyzed for the same earthquake records.

While it is important to keep these limitations in mind, the results of this research
can still be broadly applied to a variety of different structures subject to corrosion and
other vibrational loadings. In further sections of this report, the results of this work will

be related to additional, especially historic, structures.
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5. ANALYSIS RESULTS

The results obtained from static and dynamic analyses of the RC bridge accounting for
the spalled concrete cover and the decreased rebar diameter are presented herein. The

seismic fragility is also developed and presented within this section.
5.1  Static Analysis

The effect of corrosion damage on the strength and stiffness of the bridge using a static
analysis in OpenSees is given in this section. Two different types of static pushover
curves are developed for the bridge in each direction. The first pushover curves show the
relationship between the base shear in the column and the relative lateral drift between
the top and bottom of the column. Fig. 12 (a) and (b) show these curves for the bridge in

the longitudinal and transverse directions, respectively.

Base Shear vs. Longitudinal Drift Base Shear vs. Transverse Drift
800 ‘ ‘ : : 800

600 600

400 400
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Relative Lateral Drift (%) Relative Lateral Drift (%)

(a) Longitudinal Pushover (b) Transverse Pushover

Fig. 12. OpenSees Static Pushover Analysis Results (Column Base Shear)
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The column shears are very similar in both directions; however, the static
pushover relationship between the total pushover force and the relative lateral drift
changes drastically to account for the different abutment stiffness values. The static
pushover results in the longitudinal and transverse directions for the total pushover force

are shown in Fig. 13 (a) and (b), respectively.
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Fig. 13. OpenSees Static Pushover Analysis Results (Total Pushover Force)

5.1.1 Strength

The large increases in strength for the results with the total pushover force are a result of
the abutments described in Section 3.2. In the longitudinal direction, there is a six inch
gap between the edge of the deck and the abutment; this is shown in Fig. 13 (a) by the
jump in strength near 1.5% relative drift. The transverse direction does not have a gap
between the deck and the abutment; therefore, there is a significant increase in the initial

strength shown in Fig. 13 (b).
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It is clear from the previous static pushover results that the FCFB case
consistently has the greatest strength, the NCPB case consistently has the lowest
strength, and the FCPB and NCFB cases have intermediate strength values. The FCPB
case has a higher strength than the NCFB case for lower values of drift; however, as the
drift increases, the strength in the NCFB case increases at a slightly faster rate than that
of the FCPB case.

While the results for the total pushover force are useful for verifying the effect of
the abutments, the corrosion damage accounted for within this research is limited to the
column. Therefore, the strength decrease in the column due to the corrosion damage
must be obtained; this is found in Fig. 12. Table 14 shows the decrease in strength for all
of the cases representing a decrease in concrete cover or rebar diameter. The first column
denotes which two cases are compared: FCFB — NCFB and FCPB — NCPB represent the
reduction in strength resulting from removal of the concrete cover while FCFB — FCPB
and NCFB — NCPB represent the strength reduction resulting from a decrease in rebar
diameter. The strength reduction values change as the drift increases; therefore, results at

both 1% and 2% relative drift are presented.

Table 14. Strength Reductions

Cases 1% Drift 2% Drift
FCFB — NCFB 17.6 % 15.0%
FCPB — NCPB 18.6 % 16.2 %
FCFB - FCPB 9.6 % 11.6 %

NCFB - NCPB 6.3 % 12.8 %
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The static pushover results show that removing the concrete cover results in a
decrease of approximately 17% in the base shear while decreasing the rebar diameter by
10% results in a decrease in the base shear of approximately 10%. These values are

obtained by averaging the results shown in Table 14.

5.1.2 Stiffness

Another important structural parameter affected by corrosion is the stiffness. The static
pushover results presented previously also give important information regarding the
stiffness changes in the bridge resulting from corrosion damage. Fig. 12 shows the static
base shear vs. lateral drift plot and clearly shows a decrease in the initial slope, or
stiffness, of the pushover curve as the level of corrosion damage is increased. Similar to
the relationship for strength, the FCFB case has the highest stiffness followed by the
FCPB, NCFB, and NCPB cases. Table 15 shows the initial stiffness values in each
direction from the column base shear pushover curves for each of the four cases. The

stiffness values are obtained from a bilinear analysis of the pushover data.

Table 15. OpenSees Bilinear Pushover Stiffnesses

Case L.ongitudin'fll Transvers§
Stiffness (k/in)  Stiffness (k/in)
FCFB 224.16 177.66
FCPB 210.69 167.72
NCFB 167.27 143.01

NCPB 151.31 133.82
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From the previous table, the percent decrease in stiffness resulting from the
removal of the concrete cover and the decrease in rebar diameter is calculated and shown

in Table 16.

Table 16. Stiffness Reductions

Cases Longitudinal Transverse
FCFB — NCFB 25.4 % 19.5 %
FCPB - NCPB 28.2 % 20.2 %
FCFB - FCPB 6.0 % 5.6 %
NCFB - NCPB 9.5% 6.4 %

The decrease in stiffness resulting from concrete cover spalling alone is
approximately 27% in the longitudinal direction and approximately 20% in the
transverse direction. The decrease in stiffness resulting from a decrease in rebar diameter
alone is approximately 8% in the longitudinal direction and approximately 6% in the
transverse direction. It can be seen that the stiffness values for the longitudinal direction
are slightly higher than those for the transverse direction; however, these stiffness values
do not account for the effect of the abutments. Once the abutment stiffnesses are added,
the longitudinal stiffnesses are drastically higher than the stiffnesses in the transverse
direction, which can be seen in Fig. 13 of the previous section where the pushover curve
accounts for the effect of the abutment stiffnesses.

When the total pushover force for the full bridge significantly increases in the
longitudinal direction after the abutment stiffnesses are activated (i.e. once the gap of six

inches is closed), the effects of the decreased concrete cover and rebar diameter are
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decreased. Before the abutment springs are activated, the stiffness of the bridge
(corresponding to the total pushover force) is relatively low; therefore the effects of the
damage will be greater. However, once the abutment springs are activated in this
direction, the total pushover force for all cases is significantly larger making the
difference between the damaged and undamaged cases relatively small. For the
transverse direction, the abutment springs are activated immediately; therefore, there is a
large increase in the initial stiffness of the bridge. For both the longitudinal and
transverse directions, the abutment spring stiffnesses are significantly larger than the
stiffness of the column; therefore, once the abutment springs are activated, the corrosion

damage causes a relatively insignificant difference in stiffness between the four cases.

5.2  Dynamic Analysis

The dynamic analysis performed in this research is similar to that used in Mackie and
Stojadinovi¢ (2003). The displacement response data is normalized based on the height
of the column, and it is referred to as the drift (in percent). The drift in the longitudinal

direction (A, ;) at every analysis time step, for example, is found using the following

equation,
X.
A= (fj -100% “4)

where X is the relative displacement in the longitudinal direction at each time step, i,

and L is the length of the column ( L=300 in).
The lateral drift vs. time results for each earthquake in the longitudinal and

transverse directions are developed, and an example of this data is shown in Fig. 14 (a)
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and (b), respectively, for the first earthquake in the Near field bin. For clarity purposes,

only the FCFB and NCPB cases are shown here; however, these plots are developed for

all four analysis cases of each earthquake record.
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Fig. 14. Earthquake Time Histories (Near, Earthquake 1)

These plots show the differences in magnitude of the longitudinal and transverse

drifts for the FCFB and NCPB cases. In most cases, the frequency content of the

responses remained similar between the four analysis cases; however, the NCPB case

has almost consistently higher drift values. The higher drifts are expected in the

damaged cases because of the decreased stiffness due to the loss of the concrete cover.
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These figures also show the difference in frequency content between the longitudinal
and transverse directions; the frequency in the transverse direction is noticeably higher.
5.2.1 Strength

The dynamic relationship between the column base shear and the lateral drift shows a
relationship between the strengths of the four analysis cases that is similar to what is
seen with the static analysis. Fig. 15 shows the longitudinal base shear vs. the
longitudinal drift, the transverse base shear vs. the transverse drift, and the total base

shear vs. the total drift in the column for the fourth earthquake in the SMLR bin scaled

up by a factor of 11.
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Fig. 15. Base Shear vs. Lateral Drift (SMLR, Earthquake 4, Scaled (11))
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The total base shear, V,

total,i »

and the total lateral drift, A at every analysis

total ,i >

time step are defined in the following equations,

Vi =+Vii + Yy )

total ,i X,i Al

Aptar i = \ Ai,i + A?/,i (6)

where V,; and V, ; are the base shear forces in the longitudinal and transverse directions,
respectively, and A,; and A ; are the lateral drifts in the longitudinal and transverse

directions, respectively, at every point in time. The results for the total base shear and
total drift are plotted only in the first quadrant because only positive values are obtained
from these calculations; to correspond with this data, the longitudinal and transverse
plots are also shown only in the first quadrant. In reality, the longitudinal and transverse
base shear vs. drift plots have data in the first and third quadrants.

As shown, the drift values corresponding to the longitudinal direction are greater
than the similar results in the transverse direction; this is true for most earthquake
records. There are only a few cases where the transverse drift is larger than the
longitudinal drift, and it is assumed that either there is model instability (as in the case of
the third earthquake record in the scaled up Near field bin) or the magnitude of the
earthquake record in the transverse direction is significantly larger than the one applied
in the transverse direction.

From the base shear vs. lateral drift plots, it is found that most of the unscaled
earthquake records remained in the elastic range; however, as the scale factor is

increased, the earthquake responses become more inelastic. Interestingly, the results for
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some of the inelastic cases (like Fig. 15, for example) tend to have wavy lines, and some
even have loops at or near the maximum drift values which are not seen in typical force-
displacement curves. These loops are most likely due to three-dimensional modal
coupling effects and the application of vertical earthquake records. These loops are only
seen with the nonlinear results.

The dynamic base shear vs. lateral drift plots show that the NCPB bridge column
has consistently lower base shear values than the FCFB column. In other words, there is
a decrease in strength from the FCFB to the NCPB case. While the data for the FCPB
and NCFB cases is not presented in this section, the FCPB case shows a slight decrease
in strength and stiffness from the FCFB case while the NCFB case shows a slight
increase in strength and stiffness from the NCPB case.

5.2.2 Stiffness

The dynamic relationship between the column base shear and the lateral drift is also
informative for determining the differences in stiffness between the undamaged and
damaged analysis cases. In addition to showing a decrease in strength, Fig. 15 shows a
decrease in stiffness between the FCFB and NCPB cases. The slope of the curves for the
NCPB case is less steep than the FCFB case; therefore, the NCPB case reaches higher
drift values for a given lateral force. This means that the NCPB case is less stiff than the
FCFB case under dynamic loading, and this result is comparable to that found from the
static analysis. Although the dynamic base shear vs. lateral drift data for the FCPB and
NCFB cases is not presented in this section, the results follow the same trend seen in the

static analysis.
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In addition to evaluating the relationship between the base shear and lateral drift,
the relationship between the lateral drifts in the two horizontal directions is compared for
all four analysis cases. Fig. 16 tracks the top column node in the horizontal plane during
the dynamic analysis induced by the sixth earthquake in the SMSR bin. The FCFB and
NCPB results are the only ones shown here for clarity purposes; however, this analysis is

performed for all four analysis cases using the data from all of the earthquake records.
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Fig. 16. Transverse Drift vs. Longitudinal Drift (SMSR, Earthquake 6)

The previous figure shows two important results: first of all, the drift in the
longitudinal direction is much larger than the drift in the transverse direction, and
secondly, the drifts for the NCPB case are larger in almost all directions. The first result

could mean that either the transverse direction is stiffer or that a smaller dynamic force is
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applied in the transverse direction. Because the path of the NCPB case has larger drift
values than the FCFB case, it is concluded that the damaged case is less stiff. The NCPB
case does not show a greater drift value in both the longitudinal and transverse directions
in every earthquake response; however, this trend is seen for most cases. These increased
drift values are expected because of the decreased stiffness in the NCPB case resulting
from the corrosion damage.

After comparing the drifts in the longitudinal and transverse direction to each
other, the value of the total drift and its corresponding angle are determined for each
analysis case. In this case, the total drift refers to the drift calculated using the square
root of the sum of the squares of the horizontal components of drift at every time. The
equations for the total drift and the angle of this drift at every point in time are given in

the following equations,

A'[otal,i = \[ Ai,i + A?/,i (7)

o, =tan™' Ayi (®)
Ax,i

where A, ; is the longitudinal drift, A, ; is the vertical drift, and ¢; is the angle of drift at

every point in time. According to this definition of ¢, the longitudinal direction is along
the 0° line. The first plot in Fig. 17 shows the results for the total drift at every point in
time, the second plot shows the total drift at each point in time near the maximum total

drift, and the third plot shows the angle of drift at each point in time near the maximum

total drift. Fig. 17 shows the results for the sixth earthquake record in the un-scaled
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SMSR bin. Only data from the FCFB and NCPB analysis cases is shown here; however,

this same procedure is performed for all earthquake records and all four analysis cases.
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Fig. 17. Total Drift and Corresponding Drift Angle (SMSR, Earthquake 6)

After analyzing the previous data for all earthquakes, it is found that the
maximum drift value typically occurs very close to the 0° line; this corresponds to a
maximum drift in the longitudinal direction. This result means that the displacements in
the longitudinal direction are greater than those in the transverse direction for most
earthquake records; this is justified by the fact that the period in the longitudinal

direction is larger than the period in the transverse direction. This figure also shows that
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the total drift from the NCPB case is larger at most points in time; however, the damage
does not change the angle of the maximum drift.

Another way that the changes in stiffness due to increased corrosion damage can
be tracked is through the changes in the fundamental periods of the bridge prior to
seismic loading. Table 17 shows the periods in the longitudinal, transverse, and vertical
directions for each of the four analysis cases. These particular periods are found using

the Fast Fourier Transform (FFT) analysis described in APPENDIX F.

Table 17. Bridge Periods (sec)

Direction FCFB FCPB NCFB NCPB
Longitudinal 0.6068 0.6068 0.7123 0.7123
Transverse 0.2979 0.2979 0.3034 0.3034
Vertical 0.0972 0.0969 0.1060 0.1057

Table 17 shows that the periods in the longitudinal and transverse directions do
not change when the rebar diameter is decreased; however, there is an increase in the
periods when the concrete cover is removed. This means that the stiffness decreases in
all directions when the concrete cover is removed, but it remains virtually the same in
the longitudinal and transverse directions when the rebar diameter is decreased. This

result is expected based on some of the model verification results presented previously.

Table 17 also shows that the difference in the periods in the longitudinal
direction is much greater than the difference in the transverse direction. The period

decreases more in the longitudinal direction because of the six inch gap between the
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bridge deck and the abutment which allows the column stiffness to dominate the period.
This gap is not present in the transverse direction; therefore, the significantly larger
abutment stiffness controls the period in that direction and the damage in the column has

little effect.

These longitudinal and transverse periods are used to determine the spectral
acceleration and displacement values used for each selected earthquake time history in
the following sections. The acceleration and displacement response spectras used for this
research were downloaded directly from the PEER Strong Motion Database (2008)
website; these curves are verified for 5% damping using the earthquake acceleration
record and Newmark’s method for linear systems. The relationship between the spectral

acceleration (S,) and the spectral displacement (S, ) is given below, where T is the

period.
S, =S, )
2r
w=— 10
= (10)

As an example, the displacement response data for the first earthquake in the
Near Field bin is shown in Fig. 18 along with its corresponding 5% damped spectral
acceleration and spectral displacement curves in the longitudinal direction. The
longitudinal periods for the FCFB and NCPB cases are marked on the response spectra
curves using a solid and dashed line, respectively, to denote the spectral values which

are used for the analyses in future sections. This same procedure is repeated in the
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transverse direction using the appropriate periods given in Table 17. The entire process

is then repeated for all earthquakes used for the dynamic analysis in OpenSees.

Relative
Longitudinal Disp (in)

Sa (9)

Period (s)

Fig. 18. Acceleration and Displacement Response Spectras (Near, Earthquake 1)

One important issue to note is that the spectral response curves are dependent on
the amount of damping in the structure. The OpenSees model accounts for 2%
equivalent viscous damping in addition to material hysteretic damping. Therefore, all
response spectras used for this research correspond to 5% damping; this is also a

commonly accepted value for design.
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53  Fragility

One way that the behavior of the bridge is quantified in this research is through the use
of the structural fragility. Fragility is defined as the conditional probability of failure of a
structure with a specific set of demand parameters (Gardoni et al. 2002). To perform a

fragility analysis, it is necessary first to develop both a demand and a capacity model.
5.3.1 Demand Models

For this research, two different procedures are used to develop the probabilistic demand
models. In general, the demand models are developed based on the relationship between
the maximum lateral drift from the OpenSees analysis and the spectral acceleration from
the earthquake response spectras because of the precedence set in Ramamoorthy et al.
(2006). A probabilistic linear model using the maximum likelihood estimate (MLE)
approach is developed to capture the demand data, and the model is represented by the

following equation,

ln(A’(otaI,true) =0,+06, ln(sa,SRSS )+ o¢ (11)

where 6, and 6, are unknown model parameters, ¢ is a random variable with zero mean

and a unit standard deviation, and o is the unknown standard deviation of the model. For
the single degree of freedom bridge modeled in this research, the previous equation,

representing a single linear model, is sufficient.

The first demand model developed a relationship between the maximum total

drift for each earthquake time history obtained from the OpenSees analysis, A and

total ,true *
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the square root of the sum of the squares (SRSS) of the spectral acceleration values in

both the x and y directions, S, ¢ - These quantities are described as follows,

Atotal,true = max (V A>2<| + A?fl ) (12)
Sa,SRSS = \/ S,ix + S:,y (13)

where A, ;and A ;are the values of drift at every analysis time step in the longitudinal
and transverse directions, respectively, and S,, and S, are the spectral acceleration
values corresponding to the bridge periods in the longitudinal and transverse directions,
respectively. One data point is collected for each earthquake, and Fig. 19 (a) and (b)
show the resulting plots in the natural log space and the original space, respectively.
Only the FCFB and NCPB cases are shown for clarity reasons.
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The figures above show that the NCPB case has slightly higher demands than the
FCFB case; however, there is not a significant difference in the demands. These results
show that the difference in the demand model between the four analysis cases is
relatively small. The values and statistical information for the unknown probabilistic
demand model parameters for each corresponding damage analysis case are shown in

Table 18.

Table 18. MLE Statistics for Parameters in Total Demand Model (S, gzss )

Correlation Coefficients

Standard

Case Parameter Mean Deviation 6, 6 o
FCFB 6, -0.2571 0.0426 1.0

0, 0.9095 0.0365 -0.2811 1.0

o 0.3669 0.0283 -0.0425 -0.0684 1.0
FCPB o, -0.2232  0.0424 1.0

6, 0.9105 0.0367 -0.2824 1.0

o 0.3825 0.0289 -0.0069 0.0274 1.0
NCFB 6, -0.1355 0.0415 1.0

6, 0.8617 0.0367 -0.2600 1.0

o 0.3732 0.0280 0.0069 0.0270 1.0
NCPB 6, -0.1053 0.0465 1.0

0, 0.8595 0.0369 -0.2175 1.0

o 0.3891 0.0294 0.0178 -0.0024 1.0

This demand model is also developed in an identical way using the spectral
displacement values, as opposed to the spectral acceleration values. Similar figures and

tables of information are developed, and these can be found in APPENDIX H.
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The second demand model developed also related the maximum total drift
obtained from OpenSees to the spectral acceleration values; however, the procedure is
slightly different. The first step in this method is determining the relationship between
the maximum drift and the corresponding spectral acceleration in each of the respective
horizontal directions (i.e. longitudinal and transverse). Fig. 20 (a) and (b) show the
results for the FCFB and NCPB cases in the natural log space for the longitudinal and

transverse directions, respectively. Similar figures are also made for the FCPB and

NCFB cases.
Max Drift vs. Spectral Acceleration - X Max Drift vs. Spectral Acceleration - Y
. 4 5
5 o '(“‘
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O  NCPB O  NCPB @ e
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Spectral Acceleration, In(S_ ,) (9) Spectral Acceleration, In(Sa y) 9)
(a) Longitudinal Direction (b) Transverse Direction

Fig. 20. Maximum Drift vs. S

a

The MLE method is used to fit a single linear model to the data in each of the

figures above, and equations of the following form are developed.

ln(Axmm ) =6,,+0,In(S,,)to,e (14)

X
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y

(A, )=6,,+6,n(S,,)toe (15)

A single linear model with a varying standard deviation value (o) in the

transverse direction can be developed based on the noticeable jump in the scatter shown
in Fig. 20 (b); however, this is not accounted for in the current research. The unknown
parameters for each analysis case are tabulated with their corresponding statistical
information for each direction. Table 19 and Table 20 show this data for the longitudinal

and transverse directions, respectively.

Table 19. MLE Statistics for Parameters in Longitudinal Demand Model (Sa’x)

Correlation Coefficients

Standard

Case Parameter Mean Deviation HO,X 01,x Oy
FCFB .5 0.1528 0.0271 1.0
6’“ 0.8792 0.0238 0.1538 1.0
o, 0.2571 0.0190 0.0113 0.0060 1.0
FCPB O) 0.1884 0.0397 1.0
191,)( 0.8807 0.0277 0.2072 1.0
o, 0.2782 0.0207 0.0125 0.0270 1.0
NCFB 6’0’x 0.2811 0.0299 1.0
0, 0.8249 0.0238 0.2469 1.0
o, 0.2522 0.0206 0.0981 0.0643 1.0
NCPB 6’0’X 0.3085 0.0276 1.0
6’“ 0.8247 0.0255 0.2844 1.0
o 0.2752 0.0200 0.1286 -0.0983 1.0

<
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Table 20. MLE Statistics for Parameters in Transverse Demand Model (Sa’y )

Correlation Coefficients

Standard

Case Parameter Mean Deviation 90.y ‘91,3' Oy
FCFB 6., -0.9617  0.0431 1.0
0., 1.0483 0.0370 -0.0817 1.0
o, 0.4138  0.0307 0.0416 0.0172 1.0
FCPB Oy -0.9450  0.0445 1.0
0., 1.0552  0.0401 -0.0589 1.0
o, 0.4211 0.0319 0.0092 -0.0383 1.0
NCFB 6., -0.9023  0.0454 1.0
0., 1.0308  0.0389 -0.0390 1.0
o, 0.4249  0.0317 -0.0055 -0.0014 1.0
NCPB 6., -0.8848  0.0461 1.0
0., 1.0397  0.0394 -0.0372 1.0
o 0.4320  0.0340 -0.0109 0.0014 1.0

<

After the maximum drift values in each horizontal direction, A, and A

>
Lcalc Ymax,calc

are calculated based on S, , and S, , respectively, the total maximum drift is calculated

using the following equation.

Atotal,calc = \/Ai + A2 (16)

‘max,calc ymax,calc

This maximum total drift, calculated based on the spectral accelerations, is then
compared to the maximum total drift found from the OpenSees results. The equation for

the OpenSees maximum total drift, A is the same as the one used in the previous

total ,true *

demand model, and it is shown again in the following equation.
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Atotal,true = max (\[ A>2<| + A?fl ) (17)

The relationship between the total maximum drift obtained from OpenSees is
then compared against the total maximum drift calculated based on the spectral
acceleration values, and Fig. 21 is created. This figure shows the FCFB and NCPB data

only, but the same process is performed for the FCPB and NCFB cases as well.

OpenSees Max Total Drift vs. Estimated Max Total Drift (from Sa)
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Fig. 21. OpenSees Total Maximum Drift vs. Calculated Maximum Drift (Based on S,)

In general, it is expected that the data on the horizontal axis in the previous figure
should be greater than the corresponding data on the vertical axis since the horizontal
axis over-predicts the maximum total drift by using a combination of the maximum drift
in the longitudinal and maximum drift in the transverse directions. However, this is not

the case for all data points because the maximum drifts in the longitudinal and transverse
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directions are calculated based on the single linear models shown in Fig. 20 For some
earthquakes (specifically, the third earthquake in the scaled up Near field bin), the
calculated maximum longitudinal and transverse drifts are much less than the actual
OpenSees records. As an example, the data point near (5,20) on the previous figure
follows this explanation.

The previous figure is the second demand model that is used in this research to
develop the fragility, and a single linear model of the following form is developed in the

natural logarithmic scale for the results,

In (Atotal,true ) = 90 + 91 ‘In (Atotal,calc ) tog (1 8)

where A represents the OpenSees results and A represents the results

total ,true total ,calc

calculated from the spectral acceleration values for each earthquake. The unknown

parameters, and their statistical data, are given in Table 21 for all four analysis cases.

Table 21. MLE Statistics for Parameters in Total Demand Model (Based on S,)

Correlation Coefficients

Standard

Case Parameter Mean Deviation 6, 6 o
FCFB 6, -0.0467 0.0332 1.0

0, 1.0251 0.0327 -0.1223 1.0

o 0.3114 0.0210 -0.1167 0.0578 1.0
FCPB 6, -0.0458  0.0351 1.0

0, 1.0244 0.0351 -0.1421 1.0

o 0.3290 0.0280 -0.0318 0.0557 1.0
NCFB 6, -0.0489 0.0351 1.0

6, 1.0255 0.0369 -0.1998 1.0
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Table 21. Continued

Correlation Coefficients

Standard
Case Parameter Mean Deviation 90 6’1 o
o 0.3194 0.0252 0.0759 -0.0414 1.0
NCPB 0, -0.0461 0.0364 1.0
6, 1.0227 0.0369 -0.2274 1.0
o 0.3360 0.0261 -0.0202 0.0372 1.0

This demand model is useful because it helps show the accuracy of the models in
the separate longitudinal and transverse directions. The calculated maximum total drift
was expected to be slightly larger than the OpenSees maximum total drift; however, the
OpenSees data is slightly larger based on the best fit line. When accounting for the 90%
confidence bounds (noted by the dashed lines in Fig. 21), the maximum total drift from
OpenSees has almost a 1:1 relationship with the maximum total drift calculated based on
the spectral acceleration values. This entire process is also repeated using the
relationship between the maximum drift values and the spectral displacement, and the

results can be seen in APPENDIX H.

This second demand model also shows that there is not a significant difference in
the demand between the four analysis cases; however, this demand model shows that the
FCFB case actually has slightly higher demands. This result is not expected, and it is
most likely due to a bias in the data that results from comparing the OpenSees drift

values to predicted drift values based on S, instead of comparing the OpenSees results

directly to S, .
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5.3.2 Capacity Model

After the two demand models are developed, the deterministic and probabilistic drift
capacities are calculated based on the method developed in Gardoni et al. (2002) and
modified in Choe et al. (2007b). The drift capacity is defined as the drift corresponding
to a decrease in lateral load resistance of 20% compared to the peak value (Gardoni et al.
2002). The input values for the capacity model can be seen in Table 22 for both the

FCFB and NCPB cases.

Table 22. Capacity Model Variables

Property FCFB NCPB

f, 4 ksi 4 ksi

f, 65 ksi 65 ksi

fg, 97.5 ksi 97.5 ksi

foh 65 ksi 65 ksi

d, 1.41 in 1.269 in

d, 0.75 in 0.675 in

H 300 in 300 in

D, 63 in 57 in

Clear Cover 3in 0in

S 4.49 in 4.49 in
Number of bars 40 40

P 1200 k 1200 k

4, 0.00010414 1/in 0.00012049 1/in
@ 0.00140997 1/in 0.00136994 1/in
M, 88,494 k-in 61,542 k-in

M 102,435 k-in 74,191 k-in
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The axial load for the column, P, represents the self weight of the bridge deck,
and S represents the spacing between the transverse, hoop steel. The yield and ultimate
curvature and moment values are obtained from OpenSees based on the definition

provided in Gardoni et al. (2002). The yield moment, M, is defined as the moment

which first induces yielding of the longitudinal column reinforcement. The ideal

moment, M, represents the moment which corresponds to the idealized yield curvature,
¢, . The ultimate curvature, ¢, , represents the curvature when the strain in the concrete

reaches its ultimate confined strain (Gardoni et al. 2002). The input moment and
curvature values used in the capacity model are verified using results from PCA Column
and USC RC. While these programs do not give the exact same values, the results are
comparable, especially when considering the modeling differences in all three programs.
The comparison data for the moment and curvature values can be seen in APPENDIX 1,
and more information regarding the modeling differences between the three programs

can be found in APPENDIX D and APPENDIX E.

The deterministic and probabilistic results from the drift capacity model are

shown in Table 23. The values of d and d,,, correspond to the deterministic and

probabilistic drift capacities, respectively. The values shown in Table 23 for A,, A,

A, , and A, refer to the flexural, shear, slip, and plastic deflections, respectively, and

sl »
these parameters are defined in Gardoni et al. (2002). The probabilistic drift capacity

accounts for uncertainties in modeling as well as biases inherent in the deterministic
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model (Gardoni et al. 2002). The probabilistic capacity is a more accurate, albeit less

conservative, estimate of the ultimate drift capacity at collapse.

Table 23. Drift Capacity Results

Property _ FCFB FCPB NCFB NCPB
A (in) 3.4172 3.3651 3.7124 3.9190
Ay, (in) 0.0376 0.0355 0.0355 0.0353
A (in) 0.4353 0.3892 0.4729 0.4533
A, (in) 14.788 13.165 15.591 13.634
d (%) 0.0623 0.0565 0.0660 0.0601
Qoorr (%) 0.0777 0.0810 0.0874 0.0904

One interesting feature of the drift capacity results is that all of the damaged
cases have higher probabilistic drift capacity values than the undamaged (FCFB) case.
One possible explanation for this is because the corrosion damage decreases the stiffness
of the bridge, leading to higher drift capacity values. Reducing the concrete cover is
found to cause a greater increase in the probabilistic drift capacity than reducing the

rebar diameter.

The probabilistic drift capacity even increases slightly when the rebar diameter is
the only parameter altered to account for corrosion damage; this result is contrary to that
seen in Choe et al. (2007a). The results in Choe et al. (2007a) show that the drift
capacity decreases slightly over time as the rebar diameter is decreased. It is unclear why

these results contradict each other.
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The drift capacity developed in this section reflects the ultimate collapse capacity
of the structure; however, it is informative to examine this structure based on other
traditional capacity limits as well. Three common drift capacities are 1%, 2%, and 4%
which represent the serviceability, damage control, and collapse prevention limit states,

respectively.
5.3.3 Fragilities

Once the drift demand models and capacity limits are developed for the given bridge, the
fragility is approximated by the following equation, originally presented by Wen et al.

(2004),

2 2 2
o4 +0,+t0,

F(Sa)~1—d{ He — Ha J (19)

where u, and g, are the predicted drift capacity and demand, respectively, in the
natural logarithmic space for a given spectral acceleration; o, and o, are the standard
deviations associated with the capacity and demand models, respectively; and o,
represents the modeling uncertainty for the entire system. For this research, o, is set
equal to 0.4 (Choe et al. 2007b) and o, is set equal to 0.3 (Wen et al. 2004). A similar

approximate fragility model is used in Ramamoorthy et al. (2006).

The probabilistic capacity values, denoted as d_ . in Table 23, are used for the

corr

4, values in all fragility calculations. As mentioned previously, two different demand

models are created; therefore, two different fragilities are developed. The first fragility
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curve is developed based on the following demand model, and it is conditioned on
Sa,SRSS :

In (Atotal Jtrue ) = 90 + 01 In ( Sa,SRSS ) toe (20)

The first part of Fig. 22 shows the capacity and demand models for all four

analysis cases as a function of S, o . As long as the capacity is greater than the

demand, the fragility has a value, i.e. there is a low probability of failure. Once the
capacity value equals the demand, the probability of failure is 50%. This can be seen by
comparing the two plots in Fig. 22. According to these results, the fragility reaches 0.5

for all four analysis when S, i is between 12g and 14g. These spectral acceleration

values are extremely high because of the high capacity model and the low fundamental

periods of the system.
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Capacity and Demand Distributions

Lo 15 T T T T T

c

©

1S

8 10t 4

Lo} TR Lo EEEEsEEEEsEEssEEsssmssEEmnnnd

C

©

2 5 1

Q

®©

o

[

U 0 L L L L L L L L L

0 2 4 6 8 10 12 14 16 18 20

Sasrss @
Fragility

Fig. 22. Capacity and Demand Models with Corresponding Fragility (Based on Sa,SRSS )

As shown in the previous figure, there is not a significant difference between the
four analysis cases. However, it is interesting to note that the fragilities for both cases
with full concrete cover have steeper curves than their counterpart cases with no cover.
Additionally, the FCFB case has the steepest curve, meaning the highest probability of

failure at all levels of S,. This means that the probability of failure caused by exceeding

the drift capacity is greater for the undamaged case. The loss of concrete cover is also
found to have a greater effect on the fragility that the loss of rebar diameter. This result
is explained because the drift capacities for the damaged cases are higher than the

undamaged case, but the demands remain almost the same between the four cases.



76

For comparison purposes, the fragilities corresponding to the commonly used
drift capacity values of 1%, 2%, and 4% are developed for the FCFB case. Fig. 23 shows
the capacity and demand models along with the fragility for a drift capacity of 4%. This
case represents a conservative collapse prevention limit state for RC structures. It can be
seen that the spectral acceleration necessary for a 50% probability of failure of the
bridge with a drift capacity of 4% is between 6.0g and 7.0g. This is a significantly

smaller spectral acceleration than the one determined from the previous fragility.

Capacity and Demand Distributions
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Fig. 23. Capacity and Demand Models with Corresponding Fragility (4% Drift)
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The capacity and demand models and the fragility corresponding to a drift
capacity of 2% are shown in Fig. 24 for the FCFB case. This drift capacity represents a
limit state for damage control. As expected, the spectral acceleration necessary for a
50% probability of failure with a 2% drift capacity is much less than the previous two
cases. A spectral acceleration value slightly below 3.0g results in a fragility value of 0.5

for this case.
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Fig. 24. Capacity and Demand Models with Corresponding Fragility (2% Drift)

Similar plots are presented in Fig. 25 for a drift capacity of 1%, representing a

serviceability limit state. This figure shows that a spectral acceleration value just below



78

1.5g will cause a 50% probability of failure for the FCFB case. When compared to a

typical building structure, this spectral acceleration seems high; however, the high

stiffness of this bridge dictates the necessity of high forces to reach the specified drift

values.
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Fig. 25. Capacity and Demand Models with Corresponding Fragility (1% Drift)

Because S, ¢ 18 not a very informative parameter for design, a fragility contour

plot conditioned on both S,, and S, is also developed for the first demand model.

This fragility contour is seen in Fig. 26 for all four analysis cases, and it shows that the
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FCFB case has the highest probability of failure while the NCPB case has the lowest

probability of failure. This is the same result seen in the previous fragility curves.

Fragility (based on Sa SRSS)

S, (@
Fig. 26. First Demand Model Fragilities — 4 Cases

Since the fragilities for the four cases are difficult to distinguish in the previous
plot, Fig. 27 shows the results for the FCFB and NCPB cases only. One interesting
feature of these contours is the fact that both S,, and S, have an equal influence on

the fragility; however, this should not necessarily be the case because of the different

periods in the longitudinal and transverse directions.
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Fig. 27. First Demand Model Fragilities — 2 Cases
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A second fragility contour is developed using the second demand model and the

same capacity model as the previous case. The demand model for this fragility is given

by the following equations, which have been described previously.

In (Atotal,true ) = 90 + 91 ‘In (Atotal,calc ) toe

2 2
A =,/A +A
total ,calc \/ Xmax,calc ymax,calc

_ e(eo,ﬁel’x In(S,4))

Ximax,calc

_ (eoyywl,yln(sa,y))

Ymax,cale

21

(22)

(23)

24)



81

The fragility contour plot given in Fig. 28 also shows that there is a larger

difference in the probability of failure due to the loss of concrete cover than there is due

to the reduction in rebar diameter.

Fragility (based on Sa)

W. T

S FCFB

L?Lﬁ | |

25 30 35

Fig. 28. Second Demand Model Fragilities — 4 Cases

Additionally, this fragility shows that the FCFB case has the highest fragility for

a given value of S,, and S, , and the NCPB case has the lowest fragility. Since the

ay
results for the four analysis cases are hard to distinguish in the previous figure, the

fragilities for the FCFB and NCPB cases only are shown in Fig. 29.
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Fragility (based on Sa)
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Fig. 29. Second Demand Model Fragilities — 2 Cases

The relative changes in fragility between the four analysis cases have the same
relationship for both the first and second demand models; however, there is a slight
difference in the shape of the fragility contours between the first and second demand

models. The first demand tends to weight the effect of S,, and S,, more equally by

using the SRSS method to calculate the fragility, while the second demand model

accounts for more of the individual effects of S,, and S,, when calculating the

fragility. The second demand model more accurately reflects the contributions of S_
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and S, ; therefore, the second demand model is more appropriate for this type of

fragility.

In any case, both demand models yield the same overall results for the four
analysis cases. The FCFB case has the highest fragility, and the NCPB case has the
fragility, based on the probability of the drift demand exceeding its corresponding
capacity level. The fragility of the FCPB case is not significantly different than that of
the FCFB case, and the fragility of the NCFB case is not significantly different than that
of the NCPB case.

This result may seem counterintuitive since it means that the pristine bridge
seems to have a higher probability of failure than the bridge with corrosion damage;
however, this study only accounts for failure resulting from the drift demand exceeding
the drift capacity. Overall, the difference between the fragility of the FCFB case and the

NCPB case is relatively small at the lower levels of S, where most earthquake records

fall.
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6. HISTORIC PRESERVATION CONCERNS

The effect of corrosion damage on historic structures subject to dynamic loading is an
important issue, especially with the current aging infrastructure crisis in the United
States. It was reported in 2002 that the total annual cost directly related to corrosion in
the United States is $22.6 billion (NACE 2002). It was also estimated that the United
States would need to invest nearly $9.4 billion dollars per year for the next 20 years in
order to fix all bridge deficiencies (ASCE 2005). One study also found that over the past
twenty years, the United States has lost over fifty percent of its historic bridges (Sparks
2006). At this point, there is clearly an undisputed need for understanding the behavior
of deteriorating RC structures, especially those affected by corrosion. Another concern is
that many of these structures are reaching the commonly assumed 50 year age limit
necessary to be placed on the National Register of Historic Places; this historic
designation will increase the number of restrictions associated with working to

strengthen these structures.

While the results obtained in this research are directly related to a specific single-
bent bridge under seismic loads, the knowledge gained can be applied broadly to
different types of historic structures. There are many historic structures subject to
corrosion which must also endure other types of dynamic loadings. This section attempts

to broaden the impact of this research.
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Before working with an historic structure, it is important to first understand the
preservation philosophy with which many of these structures are handled. There are a
few basic principles for structural restorations set forth by the Venice Charter in 1964
and presented by Penelis (2002). One of the most important principles is to respect the
original materials and time period of the structure. A structural engineer should try to use
materials which are compatible with the original fabric, both aesthetically and in terms
of material properties (Penelis 2002). Additionally, if replacement parts must be added,
they must be done so in harmony with the existing structure; however, an effort must be
made to distinguish them from the original historical fabric. Additions to the structure
are also only allowed if they do not detract from the significant features of the existing
structure. It is also important to strive to use only reversible strengthening and
modification techniques when working with historic structures; however if irreversible
techniques must be used, then they should be durable alternatives (Penelis 2002). While
many of these principles are highly subjective and cannot always be satisfied, the State
Historic Preservation Officer (SHPO) is a useful point of contact for consultations

related to appropriate modifications.

There are many structures to which the research can be applied almost directly.
For example, many historic bridges are highly susceptible to corrosion-related damage
due to coastal exposure or deicing salts, and many of these bridges are located in the
highly seismic region of the western United States. A case study of the Colorado Street
Bridge in Pasadena, California was presented by Thomasen (1995). This reinforced

concrete arch bridge with eleven spans was built in 1912-1913, and it was subject to a
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significant reduction in steel cross-section and exposed rebar due to corrosion. Because
of the low strength concrete and weak abutment supports, each span was essentially
designed as its own structure during the rehabilitation process. For this project, the state
of California required that the work done on this structure was extensive enough to bring
it fully up to the current seismic codes at the time of rehabilitation. The damage seen in
this structure is representative of exactly what was studied in this research; however,
Thomasen (1995) did not present enough technical information in order to verify any
specific results of this work. The process used for rehabilitation included completely
encasing large sections of the bridge structure in a steel collar for confinement strength,
rebuilding multiple columns, and stiffening the piers (Thomasen 1995). All exposed
concrete on the bridge was fully “restored” at the end of the project to ensure that the
final structure looked identical to the original bridge. This case study is a good example
of how to rehabilitate a damaged structure to ensure safety while making every effort to
maintain the historic character. However, it is important to note that many of the
techniques used in the rehabilitation of the Colorado Street Bridge do not follow the
principles set forth in the Venice Charter. For example, the rehabilitation effort intended
for the new additions to look identical to the existing features in appearance; however,
the Venice Charter clearly states that all modifications and additions should be clearly

distinguishable from the original work.

The work performed on Soldier Field Stadium in Chicago is another example of
an historic structure subject to corrosion damage. A case study of the corrosion

mitigation process for this structure was presented by Johnson and Lee (2004). This
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stadium was built on the Chicago lakefront between 1922 and 1926, and many of the
transfer girders and RC beams located in the interior sections of the stadium were
subject to corrosion. The Soldier Field case study gives a good summary of the corrosion
mitigation techniques applicable for use in an historic structure (Johnson and Lee 2004).
The corrosion in this stadium was mostly attributed to either carbonation in the concrete
or high chloride content in the architectural coverings of the structural members. This is
an interesting concept because it means that many historic structures can be subject to
corrosion levels high enough to cause concrete cover spalling even when they are not
located in notoriously high susceptibility areas (i.e. near de-icing salts or seawater
spray). The only likely dynamic load that this structure is likely to see is the vibrational
load from the crowds in the stands. This dynamic load is not nearly as destructive as the
seismic loads evaluated for this research; however, over an extended period of time, this
relatively low dynamic load could potentially exacerbate problems initiated by the

corrosion.

Unexpected or unusual dynamic loads on certain structures could also cause
problems in historic structures, especially those subject to corrosion. For example, a
large number of people crossing a given bridge at one time can alter the fundamental
behavior of the structure and induce unexpected swaying and dynamic motion. This type
of dynamic loading could have potentially devastating results for historic structures that

have already been weakened due to corrosion.

Another type of dynamic loading that could potentially affect historic structures

subject to corrosion is that due to railroad traffic. There are many historic railroad depots
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and railroad bridges subject to high cycle fatigue from train vibrations. These dynamic
loads are similar to seismic events because of their short durations; however, seismic
forces typically cause much higher strains than railroad forces. Another difference
between railroad vibrations and seismic events is the frequency of occurrence: railroad
vibrations typically affect a structure multiple times a day while seismic events occur
much less frequently. The results of this research for the smaller magnitude earthquake
records could potentially be applied to structures subject to railroad vibrations; however,

some limitations would obviously need to be taken into consideration.

There are many possible preservation and/or rehabilitation techniques that can be
used when working with historic structures that have been subject to corrosion. First of
all, the surface concrete cover should be patched in a way that does not detract from the
aesthetic features of the structure. Patching the concrete cover not only helps stiffen the
structure, it also helps protect the rebar from prolonged contact to corrosion-inducing
agents. Another way that the rebar can be protected from future corrosion is to use one
of many electrochemical treatment options, some of which are provided in Johnson and
Lee (2004), to passivate the active corrosion. This alternative will not reverse any of the
damage that has already been done; however, it will help to prevent future damage from
occurring. Another possible technique would be to add carbon fiber sheets (CFS) to the
structure to help increase confinement and increase the resistance to dynamic loads.
Since using CFS has proven to be controversial for the aesthetic qualities in some

historic structures, this technique should be used with caution.
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In general, corrosion in historic RC structures is an important issue confronting
the field of historic preservation. Not only can corrosion threaten the structural integrity
of an historic structure by decreasing the rebar diameter and spalling the concrete cover,
it can also threaten the aesthetic qualities by causing rust staining and cracking in

important architectural features.
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7. CONCLUSION

7.1 Summary

The motivation of this work stems from the high percentage of corrosion-affected RC
structures that are contributing to the aging infrastructure crisis that is currently affecting
the United States. Many of these damaged structures are critical to serving the everyday
needs of citizens while many other structures are critical to preserving the historic fabric
of the built environment in the United States.

The purpose of this research is to determine the effect of corrosion on the seismic
response of a single-bent, reinforced concrete bridge by evaluating the effects of
changing the concrete cover and the rebar diameter. The changes in strength and
stiffness are examined for four representative damage scenarios, and the results are
applied to the broader field of historic preservation in order to help structural engineers
evaluate and understand how corrosion-affected structures behave when subjected to
dynamic loadings.

7.1.1 Effect of Concrete Cover

In general, the results of this research show that removing the concrete cover from a
single-bent bridge column decreases the stiffness and, to a lesser extent, decreases the
strength of the bridge. The concrete cover also has a significant effect on the drift
capacity.

The change in stiffness is relatively significant when the bridge is not restrained

by stiff abutment supports; this is seen in this research by the increase in the longitudinal
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period when the concrete cover is removed. However, in directions with stiff abutment
supports, removing the concrete cover has almost no effect at all; this result is
documented in the transverse direction of this bridge.

The results of the static pushover analysis show that removing the concrete cover
decreases the base shear and total pushover force for the bridge as well. The decrease in
strength seen in the static analysis is more significant when the concrete cover is
removed than it is when the rebar diameter is reduced.

Additionally, removing the concrete cover causes an increase in both the
deterministic and probabilistic drift capacities. The increase in the probabilistic drift
capacities is greater when the concrete cover is removed than when the rebar diameter is
reduced. The increased drift capacities also lead to a decrease in the fragility for the
cases where the concrete cover was removed.

7.1.2 Effect of Rebar Diameter

A 10% decrease in the diameter of the rebar in the bridge column, an expected worst
case scenario for corrosion, also leads to a decrease in the stiffness and strength of the
structure; however, the results are not as significant as those seen when removing the
concrete cover. This result shows that removing three inches of concrete cover, or
effectively decreasing the column diameter by six inches, has a greater effect on the
overall behavior of the single-bent, bridge than reducing the rebar diameter by 10%.

The reduction in rebar diameter is found to have practically no impact on the
longitudinal and transverse periods of the structure. Decreasing the rebar diameter

actually slightly decreases the deterministic drift capacity; however, the rebar reduction
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causes a slight increase in the probabilistic drift capacity. Overall, decreasing the rebar

diameter only causes a very slight decrease in the fragility given in this report.

7.2 Conclusions

As a result of this study, it is determined that the corrosion damage studied in this
research has little overall effect on the seismic behavior of the RC bridge. It is also found
that removing three inches of concrete cover on a 63” column has a greater impact on
the structural integrity of a single-bent RC bridge than decreasing the rebar diameter by
10%. Overall, this research found that structures damaged by corrosion have a slightly
increased ultimate collapse drift capacity as well a slightly increased demand when
subjected to seismic loads. The results of this research show that the change in fragility
between a pristine bridge and a bridge damaged by corrosion is relatively small.

When the results of this research are compared with those seen in Choe et al.
(2008) for a similar structure, a few key differences are found. This study confirms the
results in Choe et al. (2008) that show that the fragility does not change drastically with
a decrease of 10% in rebar diameter; however, there is a change in fragility due to
removal of the concrete cover which is not seen in the previous research.

With regard to historic structures, any level of corrosion is significant because of
the damaging effects that it could have on the historic fabric of the structure. If the
corrosion is greater than approximately 10% of the rebar diameter (which may be likely
in severe cases), then adequate repair and rehabilitation techniques must be utilized in

accordance with the principles presented in this thesis.
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The results of this study can be applied to structures beyond the single-bent RC
bridge that is presented herein; however, the limitations of this research must be
carefully considered. The results of other dynamic loading (railroad vibrations, for
example) on RC structures subject to corrosion are expected to be similar to those seen
in this study; however, the higher occurrence and lower magnitude of other dynamic
loadings could lead to different results. A further study could be performed to verify
these differences.

Additionally, future work should be done to confirm the effect of corrosion on
the bond between the concrete and reinforcing steel. A decrease in bond strength is
neglected in this study; however, it should be accounted for if it is determined to have a
significant effect on the behavior of the structure. Additionally, this research could be
extended to determine the change in shear capacity as the rebar diameter is decreased
and the concrete cover is removed. Although the drift capacity is increased for the
damaged analysis cases, the shear capacity should be reduced. Examining the effect of
corrosion on shear capacity would also help confirm and quantify the change in
structural strength due to corrosion. Additional work could also verify the results of this
work by accounting for a greater reduction in the diameter of the reinforcing steel and a
change in mechanical properties of the steel as it corrodes. Future work could also be
done to account for more variability in the geometric parameters of the bridge; bridges

with multiple columns and additional spans could reveal additional issues.
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APPENDIX A

ADDITIONAL LITERATURE REVIEW

The material in this appendix is intended to build upon the topics which are presented in
the body of this thesis.

Strength

Al-Sulaimani et al. (1990) showed that the bond strength actually increases when
corrosion levels are below one percent; however, with higher levels of corrosion, the
bond strength steadily decreases until it is negligible. According to Al-Sulaimani et al.
(1990), the initial increase in bond is justified because of the additional roughness
created by the expanding rust products on the steel-concrete interface; however, over
time these rust products begin to deteriorate and act more as a lubricating material. As
the rebar ribs wear down and the corrosion products increase, the bond is lost at that
interface. This work also determined that the cover-to-bar diameter ratio is a good
parameter for measuring the corrosion protection level: a higher ratio is more desirable
(Al-Sulaimani et al. 1990). This research showed that bond strength is relatively

substantial when no concrete confinement is present.

Although this research makes no distinction between different sources of
corrosion, many research projects have focused on this issue. In particular, Val (2007)
examined the effects of both general and pitting corrosion on the flexural and shear

strength of RC beams; the results showed that most beams subject to pitting corrosion
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failed in shear as a result of the reduction in the smaller cross-sectional arcas of the
transverse reinforcement (Val 2007). It concluded that when analyzing structures subject
to corrosion, the shear resistance of the beams should be considered with utmost

importance, especially if pitting corrosion is present.

Vu and Stewart (2000) reported a reduction of approximately ten percent in
flexural strength and less than five percent in shear capacity for a typical traffic bridge
subject to corrosion because of close proximity to an atmospheric marine zone (as
similar to this work). In this work, the flexural and shear capacities were noticeably
lower for specimens with "poor" concrete material properties; the concrete is considered
“poor” if it has a low concrete compressive strength (3.6 ksi) and limited concrete cover
(approximately 1 inch) (Vu and Stewart 2000). This work assumes an unconfined
concrete compressive strength of 4 ksi and a cover thickness of 3.0 inches which places
it near the “poor” category. In contrast to the work performed by Val (2007), Vu and
Stewart (2000) stated that flexural failure is more likely for specimens undergoing

corrosion than shear failure.

Lee et al. (2003) stated that extremely corroded bars could fail in a brittle manner
due to shear under seismic loads. Lee et al. (2003) have shown that the deterioration of
the structural capacity of RC columns damaged by corrosion and strengthened with
carbon fiber sheets (CFS) was caused mostly by the loss of rebar mechanical properties
and the loss of confinement that occurs when the cover spalls. This study relates to this
research because this work will consider a case with full concrete cover and only partial

rebar diameters; this case represents specimens that have been subject to corrosion, lost
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concrete cover, and then been retrofitted with CFS to replace the cover. This study also
examined the effects of corrosion on columns, as opposed to beams; therefore, the
results are more applicable to this work. Lee et al. (2003) concluded that the reduction in
strength and deformability of a RC column with corrosion was a result of rebar fracture
caused by local corrosion, a decrease in mechanical properties of the rebar, and a

decrease in the confining effect of the concrete once the cover spalled off.

Enright and Frangopol (1998) considered the time variant loss of strength due to
corrosion of steel rebar. This study showed that an increase in the mean concrete cover
depth results in an increase in the mean corrosion initiation time; thus, the corrosion
process will take longer to begin and the structure will retain its original strength for a
longer period of time (Enright and Frangopol 1998). This work shows a decrease in
rebar diameter of approximately 17% over 80 years resulting from corrosion in the deck

due to runoff and/or traffic spray (Enright and Frangopol 1998).

Stiffness

Castel et al. (2000) studied the effect of corrosion on both strength and stiffness. In this
study, the results showed that service behavior changes drastically with degradation of
steel in the tensile region. More specifically, a loss of bending stiffness occurred as a
result of the corrosion which could not be explained simply by a change in steel cross-
sectional area. The ductility at the ultimate load state was also shown to be affected by
the loss of steel cross-sectional area caused by corrosion. The results of this study
showed that the beams with corrosion in the tensile zone showed a greater decrease in

stiffness than those with corrosion in the compression zone. The stiffness loss obtained
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was much greater than the amount expected from a decrease in steel cross-sectional area
alone; therefore, this work concluded that a decrease in bond strength at the concrete-
steel interface resulting from corrosion can contribute for up to about 50% of the
stiffness reduction that is measured (Castel et al. 2000). Based on this work, the
relationship between bond strength and structural stiffness is significant; however, the

decrease in bond strength will not be considered in this work.

Li et al. (2003) also studied the importance of corrosion-induced stiffness
deterioration and its effect on the reliability of structural systems. This study found that
the load redistribution and the failure modes seen in a structure are dependent on the
relative stiffnesses of the structural elements (Li et al. 2003). A stiffness deterioration
function used within this study was developed based on a regression of previous test

results.
Historic Preservation

Many non-destructive techniques can be used to help alleviate the problems caused by
corrosion in historic structures. One example is the usage of carbon fiber sheets (CFS)
which is an effective way of strengthening the shear capacity of a column while helping
to prevent cracking and improving ductility (Lee et al. 2003). The strengthening effect of

the CFS mainly results from the confining effects that they provide.

The concept of life-cycle modeling of RC structures subject to corrosion is a
topic which has gained more attention recently. Work performed by Li (2003a, 2003b)

considered both the initiation and propagation stages of rebar corrosion in RC structures
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in order to try to assess the performance of a structure’s entire service life. These
performance-based models will ideally be used to analyze newly built RC structures to
help decide when to inspect, repair, strengthen, replace, or demolish aging structures (Li
2003a). This work is beneficial for both engineers and property managers in order to

determine a schedule for maintenance and repair (Li 2003b).

Another paper which attempted to use a reliability approach to create a life-cycle
behavior assessment of RC structures subject to corrosion was done by Lawanwisut et
al. (2003). This work studied the different “lifetimes” of a structure and determines the
probability of attaining each lifetime (Lawanwisut et al. 2003). This work could be used
to help engineers and property managers make confident decisions relating to repairs and

rehabilitations of corroded RC structures.
Fragility

In addition to the changes in the strength and stiffness behaviors of RC structures
subjected to corrosion, changes in the fragility resulting from corrosion should be
examined as well. By studying the nonlinear response of a structure subjected to
dynamic loadings, the effect of corrosion on the structural fragility can be investigated.
The most common type of dynamic loading for the bridge structure considered in this
work is seismic activity; this will be the main focus of this work. While the effect of
bond loss on the hysteretic behavior of this structure is not a direct part of this work, it

should be accounted for in future work.
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One study that examined the effects of a cyclic horizontal loading test on a RC
column was performed by Lee et al. (2003). Column specimens with varying degrees of
corrosion were subjected to cyclic loading and the resulting load-deformation curves
were given. These graphs show that increasing levels of corrosion alter the load-
deformation curves by initially stiffening the members (rust products slightly increase
the concrete confining pressure) and then subsequently softening the curves. Also, the
cumulative energy absorption for specimens with larger degrees of corrosion was
smaller, even when the extent of the deformation was the same. For this study, the

specimens involved were only subject to approximately ten cycles of loading.

Two studies by Choe et al. (2007a, 2008) also considered the effect of seismic
loading in RC bridges subject to corrosion. The first study (Choe et al. 2007a) developed
probabilistic shear force and drift capacity models considering corrosion effects. The
second study (Choe et al. 2008) developed fragility estimates for RC bridges subject to

corrosion.
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APPENDIX B

DEVELOPMENT OF EARTHQUAKE RECORD BINS

The process used to determine which six earthquakes should be used in each bin for the
dynamic analysis within OpenSees will be explained here for reference. The general idea
behind this approach is to compare the median value of the spectral acceleration curves
from a given suite of earthquakes to a set of baseline acceleration spectra curves from
the attenuation law (Abrahamson and Silva 1997). The earthquake records used in all
bins are obtained directly from the PEER Strong Motion Database (2008), and the data
for three orthogonal directions (two horizontal and one vertical) is used for each
earthquake record. All earthquake records are formatted to have equally spaced response
data every 0.02 seconds.

The first step is to develop the baseline spectral acceleration curves from the
attenuation law results given by Abrahamson and Silva (1997). One curve is developed

for each of the five bins, and these curves are shown in Fig. B1.
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Attenuation Law Results
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Fig. B1. Acceleration Response Spectra, (Attenuation Law)

The attenuation law curves represent bins with a reverse fault type and deep soil.
However, since fault types vary for all earthquakes, a quick study was performed to
determine that the attenuation law results do not change significantly based on this
factor. It was found that the soil type (deep vs. shallow/rock soil) does influence the
results significantly; therefore, only deep soil results are considered for this research.

Additionally, only the horizontal component results are checked in this study,
and for each earthquake, the average of the two orthogonal horizontal direction records
are compared against the attenuation law. Abrahamson and Silva (1997) also present
sufficient information to repeat this process for the vertical earthquake records; however,
that is not done for this research.

Once the baseline attenuation law spectral acceleration curves are developed for
each bin, a series of earthquake records from the PEER Strong Motion Database (2008)

are averaged and compared. To begin, a list of twenty earthquake records for each bin is
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obtained from Huang et al. (2008). A group of six earthquake records is selected for each
bin from the initial twenty earthquakes in order to decrease the computational time
involved in running the dynamic analysis within OpenSees. To ensure that a
representative sample of earthquakes is obtained for each bin, the median spectral
acceleration curve for the six records is compared against the attenuation law curve for
each respective bin. In addition to matching the median spectral accelerations with the
attenuation law curves, the standard deviation of the six PEER earthquake records is
tracked. While no specific maximum standard deviation value is given for the
attenuation law, all standard deviations are kept less than approximately 0.2 (Shome
1999; Huang et al. 2008). The average error in the standard deviation, defined as the
average of the difference between the standard deviation of the PEER record spectral
acceleration values and the standard deviation of the attenuation law acceleration values
for each period, is also found for each bin. Table B1 shows a comparison of these errors,
in percent, for each bin with six earthquakes and with twenty earthquakes; as shown, the
two different sized bins have comparably small errors, supporting the claim that using

six records per bin is appropriate.

Table B1. Average Errors in Standard Deviation

Bin 6 Earthquakes 20 Earthquakes
SMSR 7.77 % 7.39 %
SMLR 8.74 % 6.42 %
LMSR 7.15% 3.44 %
LMLR 10.2 % 9.93 %

Near 5.65 % 4.36 %
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Once the previous analysis process is complete, thirty earthquakes have been
chosen for the OpenSees dynamic analysis (six earthquakes per bin, five bins). Fig. B2
shows the median acceleration response spectra curves for each bin with six earthquakes.

This figure is directly comparable to Fig. BI.

Earthquake Records

Median Value of PSA (g)

TE)

Fig. B2. Acceleration Response Spectras, (bins with 6 records)

Scaled Records

In addition to the five previously mentioned earthquake bins (SMSR, SMLR, LMSR,
LMLR, and Near), ten more bins are developed for this study. Since the five initial bins
resulted in limited non-linear behavior of the bridge, the earthquake records in each bin
are scaled up by two sets of factor in order to induce additional non-linear results. For
the first set of scaled up bins, the earthquake records within the ordinary bins (SMSR,
SMLR, LMSR, and LMLR) are all scaled up by a factor of six while the records within

the near field bin are scaled up by a factor of two. In the second set of scaled bins, the
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ordinary bins are scaled by a factor of eleven while the near field bin is scaled up by a
factor of four. These factors are determined by ensuring that the median and the “one
sigma level” values for the elastic spectral displacements are approximately the same for
both the near field and ordinary bins (Luco, 2001). Once the original bins have been
scaled up, the ten new bins are added to the analysis (SMSR sc6, SMLR sc6,
LMSR sc6, LMLR sc6, Near sc6, SMSR scll, SMLR scll, LMSR scll,
LMLR scll, and Near scll).

The “one sigma level” values referred to above are calculated by multiplying the
median, m, by the exponential of the standard deviation of the natural logs of the data;

this is shown in the following equation (Luco 2001).

o=m-e (B1)

Matlab is used in order to check that this requirement is met for the scaled up
bins used in this analysis. Fig. B3 shows the median and “one sigma level” curves for
the spectral displacements of the five bins, with six records each, for each of the two sets
of scale factors noted previously. The values for the ordinary bins and the near field bins
are very close; therefore, these scale factors meet the requirements set forth by Luco

(2001).
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Fig. B3. Verification of Scale Factors

A tabulated summary of each of the thirty earthquakes used in the dynamic analysis

within OpenSees is given in Table B2. Again, all earthquake records presented here are

obtained from the PEER Strong Motion Database (2008).

Table B2. Earthquake Records per Bin

Record|Earthquake|M| R |GM|USGS| Station Csrf]"%rr?ém HP | LP |PGA| PGV |PGD
ID P (H2)|(H2)| (@) |(cm/s)| (cm)
SMSR

36457
Coalinga Parkfield -
1983/05/02 Fault Zone |[COALINGA/H-
P0348 [23:42 6l28 c| - |16 716-UP 02| 30 [0.061] 6.5 |1.92
36448
Coalinga Parkfield -
1983/05/02 Vineyard |COALINGA/H-
PO361 [23:42 6(30| ¢ | - |Cany1W |vCI-UP 0.5 | 28 [0.068| 6.1 |1.49
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. Record/ HP | LP |PGA| PGV |PGD
ReIcDord Earthquake|M| R [GM|USGS| Station Component  |(H2)|(H2)| (g) |(cm/s)| cm)
N. Palm
Springs 22170
1986/07/08 Joshua PALMSPR/JOS-
P0525 (09:20 6(30| C B |Tree UP 0513610.04| 3.6 | 0.6
Whittier
Narrows 90068
1987/10/01 Covina - S [WHITTIER/A-
P0617 |14:42 6(17| C C |Grand Ave|GRA-UP 0.33] 25 |0.064| 3.1 [0.46
46314
Coalinga Cantua
1983/05/02 Creek COALINGA/H-
P0323 |23:42 6(26| D - |School CAK-UP 0.2 | 26 10.094| 5.1 |1.86
Morgan Hill 47380
1984/04/24 Gilroy MORGAN/GO02-
P0450 |21:15 615 D C |Array#2 |UP 0.2 | 37 10.578| 10.8 | 0.92
SMLR
36410
Coalinga Parkfield -
1983/05/02 Cholame |COALINGA/H-
P0328 [|23:42 6(44| C - 3W C03-UP 0.2 | 27 10.034| 4.5 |1.46
90044
Whittier Rancho
Narrows Palos
1987/10/01 Verdes - |WHITTIER/A-
P0689 |14:42 6(38| C C |Luconia [LUC-UP 0.55(21.5|0.017| 09 |0.11
36452
Coalinga Parkfield -
1983/05/02 Cholame |[COALINGA/H-
P0324 |23:42 6(42| D - |1IE Co01-UP 0.5| 30 |0.059| 6.6 |1.82
Imperial
Valley 5052
1979/10/15 Plaster IMPVALL/H-PLS-
P0O189 [|23:16 7132| D C |[City UP 0.1 | 40 |0.026] 2.4 |0.98
Morgan Hill 1377 San
1984/04/24 Juan MORGAN/SJB-
P0455 |21:15 630 D B |Bautista [UP 0.1 | 21 10.052| 2.7 | 1.35
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Table B2. Continued
. Record/ HP | LP [PGA| PGV |PGD
ReIcDord Earthquake|M| R [GM|USGS| Station Component  |(H2)|(H2)| (g) |(cm/s)| cm)
N. Palm 22T13
Springs Landers
1986/07/08 Fire PALMSPR/LDR-
P0527 109:20 6[38| D - |Station UP 0.5] 40 10.055] 2.4 10.42
LMSR
90058
Sunland -
Northridge Mt
1994/01/17 Gleason
P0933 [12:31 7118 C | B |Ave NORTHR/GLE-UP| 0.1 | 30 |0.193]| 11.6 | 2.35
24607
Northridge Lake
1994/01/17 Hughes
P0975 [12:31 71231 C | B [#I2A NORTHR/H12-UP |0.13| 46 (0.121| 4 |2.59
San
Fernando
1971/02/09 125 Lake
P0058 [14:00 7126| C - |Hughes #1 [SFERN/L01021 0.5] 35 |0.145| 17.3 | 2.88
Landers 12149
1992/06/28 Desert Hot LANDERS/DSP-
P0814 [11:58 71231 D | B |Springs [UP 0.07| 23 |0.167| 9.9 |3.71
Loma Prieta 57382
1989/10/18 Gilroy
P0737 |00:05 7116| D | C |Array#4 |[LOMAP/G04-UP | 0.2 | 42 (0.159| 14.6 | 5.1
24303 LA
Northridge -
1994/01/17 Hollywood
P0884 [12:31 7126 D | C |Stor FF |[NORTHR/HOL360| 0.2 | 23 |0.358] 27.5 | 3.04
LMLR
Northridge 24271
1994/01/17 Lake
P0918 |12:31 7136| C | C |Hughes#1|NORTHR/LHI-UP|0.12| 23 |0.099| 7 |3.43
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Table B2. Continued
. Record/ HP | LP [PGA| PGV |PGD
ReIcDord Earthquake|M| R [GM|USGS| Station Component  |(H2)|(H2)| (g) |(cm/s)| cm)
24055
Northridge Leona
1994/01/17 Valley #5 -
P0921 |12:31 7138 C | C [Ritter NORTHR/LVS5-UP| 0.2 | 23 |0.097| 11.6 | 2.53
90095
Northridge Pasadena -
1994/01/17 N Sierra [NORTHR/SMV-
P0999 |12:31 7139] C | C |Madre UP 0.4 ] 30 |0.141| 8.4 |0.57
58264
Loma Prieta Palo Alto -
1989/10/18 1900
P0773 |00:05 7136| D - |Embarc. |LOMAP/PAE-UP | 0.2 | 50 |0.08| 7.3 |3.33
24401 San
Northridge Marino,
1994/01/17 SW NORTHR/SMA-
P0931 |12:31 7135\ D | B |Academy |UP 0.6 | 23 |0.083| 3.7 |0.41
24576
Northridge Anaverde
1994/01/17 Valley - |NORTHR/ANA-
P0944 [12:31 7138/ D] C |[CityR UP 0.2 ] 46 10.044] 4.7 | 1.7
Near
Landers 22170
1992/06/28 Joshua LANDERS/JOS-
P0816 [11:58 712 C | B |Tree UP 0.07| 23 |0.181] 15 [9.39
5072
N. Palm White-
Springs water
1986/07/08 Trout PALMSPR/WWT-
P0541 (09:20 673 C | A [Farm UP 0.5] 40 |0.471| 13.4 | 1.02
Northridge 77 Rinaldi
1994/01/17 Receiving
P1005 |12:31 717.11 C | C |[Sta NORTHR/RRS-UP| null | null [0.852] 50.7 |11.65
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. Record/ HP | LP [PGA| PGV |PGD
ReIcDord Earthquake|M| R [GM|USGS| Station Component  |(H2)|(H2)| (g) |(cm/s)| cm)
Chalfant 54171
Valley Bishop -
1986/07/21 LADWP |CHALFANT/A-
P0553 [14:42 619.2| D - |South St |[LAD-UP 0.1 |40 |0.14| 6.7 |2.25
Imperial
Valley 117 El
1940/05/19 Centro IMPVALL/I-ELC-
P0006 [04:37 7183 D | C |Array#9 [UP 0.2 | 15 |0.205| 10.7 | 9.16
Loma Prieta 47381
1989/10/18 Gilroy
P0736 |00:05 7|14/ D | C |Array#3 |[LOMAP/G03-UP | 0.1 | 50 |0.338] 15.5 | 7.03
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APPENDIX C

STRENGTH AND STIFFNESS VERIFICATION DATA

Stiffness Verification

The relative bridge stiffnesses between the four cases are verified by comparing the
static pushover results from OpenSees with simple hand calculations. The ratio of the
moment of inertia of the concrete cross-section with the cover removed is compared to
the moment of inertia of the full concrete cross-section by hand. This calculation is

shown in the following equation,

e _ (Dy =(2-spall))
lee (Dg)4

where |, and I, refer to the moment of inertia of the cross-section with no cover and

(CD)

full cover, respectively, D, refers to the gross column diameter, and spall refers to the
thickness of the concrete cover that has been removed. For this research, Dg is 63 in and

spall is 3 in; therefore, the ratio of the stiffnesses with this hand calculation is 0.67. This

ratio means that an approximately 33% decrease in stiffness is expected for this case.

A bilinear analysis is then performed on the static pushover results obtained from
OpenSees for all four bridge cases in both the longitudinal and transverse directions. An
example of the results of the bilinear analysis is given in Fig. C1 for the FCFB case in

the longitudinal direction.
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Fig. C1. Static Pushover Bilinear Analysis

14

The results of the bilinear analysis give an equivalent stiffness value for each

case, and these stiffnessses are presented in Table C1. The bilinear stiffness values are

easily verified by checking the slope of the elastic portion of each curve.

Table C1. OpenSees Bilinear Pushover Stiffnesses

Longitudinal Transverse
Case Stiffness (k/in)  Stiffness (k/in)
FCFB 224.16 177.66
FCPB 210.69 167.72
NCFB 167.27 143.01
NCPB 151.31 133.82

From the results given in Table C1, ratios between the damaged and undamaged

columns can be determined. The ratio between the NCFB and FCFB cases in the
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longitudinal direction is 0.75, and the ratio between the NCPB and FCPB cases in the
same direction is 0.72. The pushover results show that a decrease in concrete cover
corresponds to a decrease in stiffness of approximately 27%. This is slightly less than the
33% decrease expected with the simplified hand calculation; however, the hand
calculation does not account for any effects from the bridge deck or the confined
concrete.

Strength Verification

The relative strength differences between the four bridges cases are also verified using
simple hand calculations and the OpenSees static pushover results. Fig. C2 shows the
results of a static pushover analysis performed in the longitudinal direction within

OpenSees.

Base Shear vs. Longitudinal (X) Drift
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% Relative Lateral Drift

Fig. C2. OpenSees Longitudinal Static Pushover Results
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The maximum base shear values at a relative drift of 4.5% are compared to
determine the differences in strength between the four cases. Relative drift refers to the
difference in the drift between the top and the bottom of the column. From these results,
the strength reduction between the FCFB and FCPB cases is determined to be 13.8%.
Similarly, the reduction in strength between the NCFB and NCPB cases is calculated to

be 12.5%. These calculations are shown below,

1 Vecrs 400:(1—@)-100:13.8% (C2)
650

FCFB

1 Vicee -100:[1—ﬂ]-100=12.5% (C3)
560

NCFB

where V., refers to the base shear force at 4.5% drift for the FCFB pushover case;

similar notation is used for the base shear values corresponding to the FCPB, NCFB, and

NCPB cases.
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APPENDIX D

MOMENT CURVATURE CALCULATIONS

PCA Column

The values from the moment-curvature analysis given in Section 4.1 based on the PCA

Column results are calculated from the axial load — moment interaction diagram. These

are not exactly accurate values for the OpenSees model since the PCA Column analysis

does not account for strain hardening in the steel or non-linear behavior like; however,

these results should be relatively close to those obtained from OpenSees. Table D1

presents all of the material and section properties input into PCA Column.

Table D1. PCA Column Properties

Property Value

f. 4 ksi

E. 3605 ksi

f. 3.4 ksi

B 0.85

f, 65 ksi

E, 29,000 ksi
A, 3,117.25 in®
l 773,272 in*
I, 773,272 in*
Clear Cover 3.0in
Transverse Spacing 3.191n
Pliong 2.0%
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The definitions for the moment and curvature values are shown in Fig. D1 where

El, is defined as 0.7El .

M
A
M- --------------------------
M, |- { . i
oser/ | :
| E
Mo [ |
Ll [ 1
i ! i
i i i
P i
1 L 1 L
> ¢
’a- d’ ’I

Fig. D1. PCA Column Moment-Curvature Relationship

OpenSees

The values presented for the moment-curvature analysis in Section 4.1 based on the
OpenSees results are calculated following the procedure given in Gardoni et al. (2002).
Fig. D2 shows the definition of each parameter, and it is clear that the values are defined

differently the PCA Column results.
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Fig. D2. OpenSees Moment-Curvature Relationship
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APPENDIX E

STATIC PUSHOVER COMPARISON

To help verify the static pushover results obtained from OpenSees, two comparison
programs, IDASS (Kunnath 2003) and USC RC (Esmaeily 2001), are utilized. More
information about these two models is presented here for reference.

IDASS

First of all, the IDASS model only accounted for a single column with the mass lumped
at one node at the top. The input data used in the IDASS model came directly from the

PCA Column interaction diagram shown previously. In other words, the values forM_,,
M,, My, ¢, and ¢, from PCA Colum are all manually input into the program;

therefore, the graphical pushover results shown for IDASS match the PCA column
results. A single column with a fully fixed base is created in IDASS, and a displacement
controlled, monotonic pushover analysis is run.

Within IDASS, the column material properties are defined using a tri-linear
degrading hysteretic model with a stiffness degrading coefficient (PARAMI) of 0.7, an
energy-based strength decay factor (PARAM?2) of 0.05, a ductility-based strength decay
factor (PARAM3) of 0.0, and a target slip or crack closing parameter (PARAM4) of 0.7
(Kunnath 2003). Fig. E1 (a) through (c) show the significance of each parameter as well
as how IDASS accounts for stiffness and strength degradation in addition to the effect of

slip. All three figures are obtained directly from Kunnath (2003).
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Fig. E1. IDASS Modeling Assumptions

In the previous figures, PYP refers to the positive yield moment, PYN refers to

the negative yield moment, and PCP refers to the positive cracking moment. The

following expression is used to determine the loss of strength for this material model

where u represents the curvature ductility and A represents the total hysteretic energy

dissipated (Kunnath 2003).

AF =F

max

(PARAM 2-A+PARAM 3-,u)

(E1)

The rigid zones for the IDASS column model are set as 0.0 at the top and bottom,

and the column length used is 25 ft. The stiffness of the column before cracking is set as
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ls =0.7El,, the stiffness from cracking to yielding is 0.5l , and the stiffness beyond
yielding is set as 0.021 . The values for the material properties used in Table E1; these

values are for the FCFB case.

Table E1. IDASS Properties

Property 800 kips

E 29,000 ksi

I 773,272 in®

A 3117 in®

G 1502 ksi

El 1,951,349,170 ksi
EA/L 37,459 k/in

GA 4,682,362 k

While the IDASS column model is similar to the bridge column modeled in
OpenSees, there are some modeling differences. First of all, the IDASS model assumes a
lumped mass at the top of the column as opposed to the distributed mass modeled in
OpenSees. Additionally, different reinforcing steel models are assumed. The OpenSees
model also accounts for the confined concrete using the model proposed by Mander et
al. (1988) while IDASS does not make this distinction. Since a full, three-dimensional
bridge could not be easily modeled in IDASS, a single column with a fixed base is
modeled; the OpenSees model accounts for a pile foundation, a full deck, and rigid
abutments. The last major difference between the two models is that the definition of the

“delta” value assumed when accounting for the second order P-A effects varies.
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USC_RC

USC _RC is a fiber model based program, and the analysis performed is a monotonic
lateral displacement pushover. This program modeled a single circular column with a
fully fixed base. Although the steel material properties used in USC RC are slightly
different than those used in OpenSees, the concrete material behavior is quite similar
because it uses the confined concrete model proposed by Mander et al. (1988). Fig. E2
and Fig. E3 show the steel and concrete stress-strain curves, respectively, used in

USC_RC (Esmaeily 2001).

003 n1o

-1oQ- -+
Strain

Fig. E2. USC RC Steel Stress-Strain

Stress
(]

1] t t t t i
0.000 0005 oo s n.0zo 0025

Strain

Fig. E3. USC_RC Concrete Stress-Strain
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The input parameters used within USC_RC are shown in Table E2 below. These

values are applicable to the FCFB case only.

Table E2. USC_RC Input Parameters

Property Value

D 63 in
Cover 3in

f, 4 ksi

E 29,000 ksi
f, 65 ksi

A 1.56 in®

N 40 bars

A 0.44 in®

S 4.49 in

The parameters in Table E2 are defined as follows: D is the diameter of the

gross concrete cross-section, Cover is the clear cover distance from the edge of the

concrete to the transverse steel, f, is the unconfined concrete compressive strength, E
is the modulus of elasticity of the reinforcing steel, f, is the strength of the reinforcing
steel, A is the area of one longitudinal rebar, N is the number of longitudinal rebars, A

is the area of one transverse rebar, and S is the spacing of the transverse reinforcement.

These values correspond directly with those used within OpenSees.
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APPENDIX F

MODAL ANALYSIS STUDY

The results for the fundamental bridge periods from seven different sources are
compared in order to determine the most accurate values. The seven sources are each
described in this Appendix.

OpenSees eigen command

The first method used to determine the modal frequencies and mode shapes is using an
eigen-analysis function within OpenSees. This function is referred to as the “eigen”
command. Both the roller abutment and the Caltrans abutment cases are analyzed using
this method. For this method, the modal frequencies and eigenvectors are calculated
directly by OpenSees, and the modal periods are then calculated by taking the inverse of
the frequency values (in Hz). In order to determine which mode shape corresponded to
each frequency, the eigenvector data from OpenSees is imported into Matlab and then
plotted. According to the mode shapes, the first modal frequency for both the roller and
Caltrans abutment cases corresponded with vertical motion of the column. The second
mode shape for the roller abutment case is torsion in the column; however, the Caltrans
abutment case showed longitudinal displacement for the second mode. The third mode
for both the roller and Caltrans abutment cases is displacement in the transverse
direction. The fourth mode shape for the roller abutment case is longitudinal
displacement, and the fourth mode shape for the Caltrans abutment case is torsion in the

column. The values of the periods for the first four modes of each abutment model as
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well as a short description of the corresponding mode shapes are given in Table F1. The
fifth through eighth modal periods and corresponding mode shapes are also obtained;
however, they are not important for this comparison. It is curious to see that the periods
obtained for the Caltrans abutment in the vertical and longitudinal directions are very
similar to the periods obtained in the longitudinal and transverse directions, respectively,
from some of the more reliable methods of modal analysis (presented later in this

section).

Table F1. OpenSees “eigen” Periods (sec)

Mode Caltrans Roller
Longitudinal 0.2982 0.0909
Transverse 0.1816 0.6424
Vertical 0.6061 1.6939
Torsion 0.1060 0.7422

Fig. F1 (a) through (d) shows the mode shapes that are referred to in Table F1.
The vertical shape has an unexplainably large deflection of the deck. The longitudinal
and transverse mode shapes look as expected, and the torsion in the column is
represented by the deck twisting. Each mode shape in Fig. F1 has three subplots which

correspond to the shape of the deck, the column, and the pile (from top to bottom).
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Fig. F1. OpenSees Mode Shapes

These mode shapes show the motion of the deck, column, and pile; the mode
shapes of the abutments can be found as well, but they are not presented here. One
unique result from this analysis is that the vertical mode shape changed as a function of
the gravity load applied on the structure. For the case shown above, the deck self weight
is distributed based on the tributary area of all nodes on the deck; therefore, the two end
nodes received half of the applied weight that the interior nodes received. This is shown
in the deflected shape; however, the deflected shape is not expected to change based on
the static loading. The mode shapes are expected to be dependent on the mass and
stiffness of the structure only, not the applied loading. Additionally, the vertical column
motion is not expected to be the dominant mode of vibration for this structure; however,
both the roller and Caltrans abutment cases showed this to be true. Therefore, the results

given by the “eigen” command within OpenSees are presented with skepticism and
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additional methods of determining the modal periods and corresponding mode shapes
are performed.

ETABS

The second modal analysis performed is done using the commercial, building design
software called ETABS. Only the roller abutment case is modeled in ETABS because of
the complex nature of modeling the springs within the Caltrans abutment. Another
limitation in the ETABS computer model is that the beam and column elements are
modeled elastically; a nonlinear analysis is not performed. However, even with the
stated limitations, the ETABS model is used to determine the order of the modes and a
rough estimate of the expected modal frequencies and periods. The ETABS model is
created using the same geometric layout and member masses and cross-sections used in
the OpenSees analysis. The first four modal periods determined using the ETABS

model, along with descriptions of the corresponding mode shapes, are given in Table F2.

Table F2. ETABS Periods (sec)

Mode Caltrans Roller
Longitudinal - 0.4509
Transverse - 0.5561
Vertical - -
Torsion - 2.9622

As expected, the vertical column motion does not show up within the first four
modes of the structure; actually, ETABS presented twelve mode shapes and frequencies,

and the vertical column motion is not present at all. It can be seen that the order of the
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first three modes from ETABS is the same as the first three modes for the OpenSees
“eigen” case with the roller abutment (assuming the vertical column motion mode is
neglected). However, the values for the periods are significantly different.

Matlab FFT (Fast Fourier Transform) command

Another method used to determine the modal periods for the longitudinal, transverse,
and vertical bridge motions is a Fast Fourier Transform (FFT) analysis. In order to use
the FFT analysis, free vibration acceleration response data from the bridge structure is
needed. Data from the first three seconds of an arbitrary earthquake record is used to
induce vibration in the structure, and the acceleration response in the longitudinal,
transverse, and vertical directions is recorded with a time step of 0.001 sec. at each node
of the deck. The first three seconds of the response data is then truncated so that only the
free vibration response remained. Because the response is obtained directly from
OpenSees, this analysis is performed for both the Caltrans and the Roller abutment
cases.

This free vibration acceleration time history for each direction is then input into
Matlab in order to perform the FFT. The FFT command built into Matlab is used to
transform the time history data into the frequency domain in order to determine the
fundamental period(s). Each peak in the frequency domain plot obtained from the FFT
denotes a fundamental frequency for the structure. Usually multiple peaks are developed
(which represent the multiple modal frequencies of the structure); however, for this

particular case only the first mode is excited in each direction (i.e. only one peak is
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shown). The periods determined from the FFT analysis for both the Caltrans and roller

abutment cases are shown in Table F3.

Table F3. Matlab FFT Periods (sec)

Mode Caltrans Roller
Longitudinal 0.6068 0.6425
Transverse 0.2979 0.7447
Vertical 0.0972 0.0900
Torsion - -

In addition to determining the fundamental periods for the longitudinal,
transverse, and vertical displacements, the mode shapes of the deck are also determined
from the FFT analysis. The mode shapes are determined by plotting the peak values

from the FFT analyses at each point along the deck. These mode shapes are shown in

Fig. F2 (a) through (c).
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Fig. F2. Matlab FFT Mode Shapes

The FFT peak values for the mode shape in the longitudinal direction are all

extremely close to each other; therefore, the shape is close to a straight line. The
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transverse direction shows that the column deflects more than the abutments because the
mid-span of the deck is displaced farther than the ends. The vertical mode shape shows
how the column and abutments hold the deck down at the mid-span and ends of the
deck, respectively. The mode shapes for both the Caltrans and the Roller abutment cases
are the same; however, as stated previously, the modal frequencies are different.

Matlab TDD (Time Domain Decomposition) program

Another method, which is quite similar to the FFT, is the Time Domain Decomposition
(TDD) program developed within Matlab by Michael Reyer (Unpublished program, July
2007). This purpose of this program is to determine the modal frequencies and mode
shapes for any given structure, based solely on the acceleration time history response.
This response can be from either forced or free vibration; for this case, the same free
vibration data used for the FFT analysis is used. The TDD program essentially performs
a FFT on the data and then determines the first few modal frequencies and
corresponding shapes. The difference between TDD and the FFT analysis is that TDD is
a complete program which was previously developed; however, the FFT analysis within
Matlab is simply created using the “fft” command within Matlab. Just like the FFT
analysis, the TDD analysis could only determine the first mode in each direction from
the supplied response data. The modal periods obtained from TDD for the longitudinal,
transverse, and vertical directions of each bridge (Caltrans and Roller supports) are

shown in Table F4.
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Table F4. Matlab TDD Periods (sec)

Mode Caltrans Roller
Longitudinal 0.6023 0.6399
Transverse 0.3011 0.7313
Vertical 0.0975 0.0898
Torsion - -

As shown, the periods obtained from TDD are extremely similar to those
obtained from the FFT analysis; this is expected because both analysis methods used the
same input data and performed very similar analyses. The mode shapes determined with
TDD are also essentially the same as those obtained from the FFT analysis.

OpenSees pushover results

A fifth way to determine the periods for the longitudinal, transverse, and vertical
displacement modes is to perform a bilinear analysis on the static pushover results
obtained from OpenSees. Six different pushover analyses are performed: one for each
direction with both the Caltrans and roller abutments. The pushover force is applied at
the top node of the column (where it attaches to the mid-span of the deck), and the
relative displacement between the top and bottom of the column is recorded. Plots are
then created to compare the total pushover force with the relative displacement of the
column. The initial stiffness values obtained from fitting a bilinear curve to the pushover
data are used with an equivalent lumped mass at the top of the column to calculate the
fundamental periods for a single degree of freedom system. The equivalent mass and the

fundamental periods are calculated using the following equations,
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1
mzz(mdeck +mco|) (F1)

T =272 2
" (F2)

where K is the initial stiffness obtained from the bilinear analysis, m,,, is the mass of
the full deck, m,, is the mass of the entire column, and m is the equivalent lumped

mass. The lumped mass used for these calculations is found to be 1.699 k-s*/in. A
comparison of the periods obtained from the pushover analyses for both the Caltran and

roller abutment cases is shown in Table F5.

Table F5. OpenSees Pushover Periods (sec)

Mode Caltrans Roller
Longitudinal 0.4762 0.5518
Transverse 0.2011 0.6172
Vertical 0.0848 0.0848
Torsion - -

As an example, the static pushover curves for both the Caltrans and roller
abutment cases in the transverse direction are shown in Fig. F3. The Caltrans abutment
leads to an increase in the stiffness of the structure; this is seen by the increased stiffness

in the pushover curve and the decreased period in Table F5.
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Another way to check the values for the periods in the horizontal and vertical modes is

to perform simplified hand calculations. These results will not be too accurate; however,

they will give a rough idea of the values that should be expected. These calculations are

based on the assumption of a simple cantilever column with a single lumped mass at the

top. This simplified single degree of freedom system allows easier calculations for the

column axial and bending stiffnesses. The relationships used to find the column

stiffnesses due to bending and axial loads are given by the following equations.

3El
kbending = ?
K EA

axial — T

(F3)

(F4)
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The periods are then calculated using the same method as the pushover analysis.
These results do not relate directly to either the Caltrans or roller abutment cases;
however, they are closer to the roller abutment case because the horizontal motion is
unrestrained. The values of the periods obtained for the horizontal (longitudinal and

transverse) and vertical directions are given in Table F6.

Table F6. Hand Calculation Periods (sec)

Mode Caltrans Roller
Longitudinal - 0.4500
Transverse - 0.4500
Vertical - 0.0410
Torsion - -

Many simplifications are made for the hand calculations which are not
necessarily valid for the actual bridge. First of all, the entire bridge is modeled as a
single degree of freedom system with one lumped mass accounting for half of the deck
and half of the column. Secondly, the stiffnesses (and resulting periods) for both the
longitudinal and transverse directions are assumed to be equal. The interaction from the
top of column into the deck is not accounted for, and this rigid connection affects the
stiffness of the column.

PEER Report
In another attempt to validate the modal periods, the values obtained by Mackie and
Stojadinovi¢ (2003) are compared with those obtained with this model. The values

obtained in the PEER report (Mackie and Stojadinovi¢ 2003) are for a structure with
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slightly different geometrical and material properties; however, they provide a
benchmark for the periods expected in the longitudinal and transverse modes. For the
base bridge used by Mackie and Stojadinovi¢ (2003), the longitudinal period is reported
to be T = 0.55 sec and the transverse period is reported to be T = 0.64 sec. When roller
supports are used at the edge of the bridge deck (the base bridge), the transverse mode is
dominant; however, once the Caltrans abutments are added at the deck support locations,
Mackie and Stojadinovi¢ (2003) report that the longitudinal mode dominates. This is
explained by the additional stiffness added by the abutments in the transverse direction.
The Caltrans abutment does affect the motion in both the longitudinal and transverse
directions, and the supports are modeled with a gap element in OpenSees. This gap
element allows the deck to move freely for a specified distance (the gap) before the
motion is resisted by a spring with a constant stiffness. The reason that the longitudinal
direction controls in the Caltrans abutment case is because the gap is set at 6 inches for
that direction while the gap in the transverse direction is set at 0 inches. This essentially
means that the motion in the transverse direction is restricted sooner than in the

longitudinal direction.
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APPENDIX G

DAMPING VERIFICATION

The damping ratio is verified in two ways: the logarithmic decrement method and the
half-power bandwidth method. Both methods will be explained here.

Logarithmic Decrement Method

The logarithmic decrement method uses the free vibration response data directly to
calculate the level of viscous damping. The following equations are used to calculate the

damping ratio,

M(L] G
yn+1

o
§=F—= (G2)

B Narn® +6°
where ¢ is the damping ratio, Y, is the value of any given peak, and Yy, ., is the value of

the subsequent peak. Fig. G1 shows these variables graphically.
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Acceleration vs. Time
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Fig. G1. Logarithmic Damping - Caltrans

The free-vibration results from the longitudinal direction with the Caltrans

abutment case are shown in Fig. G1; from these results, Yy, is found to be 2.6 and y,,, is

found to be 2.3. These values allow ¢ to be calculated as 0.1226 and the damping ratio,

¢, to be calculated as 1.95%.
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Acceleration vs_ Time
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Fig. G2. Logarithmic Damping - Roller

The free-vibration results for the roller abutment in the longitudinal direction are

shown in Fig. G2, where Y, is found to be 1.13 and Y,,, is found to be 1.10. This leads

to a value of 0.1222 for ¢ and a damping ratio, ¢, of 1.94%. The results of the

logarithmic decrement method verify that the structure is indeed experiencing 2%

damping in the OpenSees model.

Half-Power Bandwidth Method

The second method used to verify the damping ratio is the half-power bandwidth
method. This method requires that the response data be transformed into the frequency
domain. This is easily done using the FFT procedure in Matlab. The damping ratio is
then calculated with the following equation,

2 = —a’za: % (G3)

n
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where o, w,, and @, are frequency values which are shown in Fig. G3. The value for
o, corresponds to the peak amplitude value of the FFT analysis ( X, ), and the values

for @, and w, represent the frequencies where the power is 3dB less than the maximum
(Xm%aj. A decrease of 3dB represents a reduction in half of the power, hence the

name of this method.

! ! !

%ﬂﬂ A ———— - —— l- —7 ot

| | :

xmy Rt _ ‘l_ - _\‘

z my

045+ \

; \

0.t

A ™~

0.05— :
L : — |

v] | A A 4 1" \
14 1.5 18 17 18 1.8 2

If":’ll a‘]n ﬂ)l

Fig. G3. Half-Power Bandwidth Damping - Caltrans

The results of the FFT in the longitudinal direction for the Caltrans abutment

case are shown in Fig. G3; from this plot, X __ is found to be 0.27. As aresult, o,, ®,,
and @, are determined to be 1.630, 1.648, and 1.700, respectively. These values yield a

damping ratio of 2.1%.
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The FFT plot for a similar analysis for the roller abutment case is shown in Fig.

G4. From this plot, X is found to be 0.14 and @,, ®,, and o, are determined to be

X

1.540, 1.557, and 1.605, respectively. The damping ratio is then calculated to be 2.09%.
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T T T T T

I I I I I

I I I I I

I I I I I

I I | I I

I I I I

I I I I I

I I I I I

I I I I I

01F - - - - - [ [ U T [E—

I I I i I

I I I I I

I I I I I

I I I I I

I I I I I

I I I I I

I I I I I

I I I I I

I I I I

0.05F - - --- oo | |

I I I I

I I I I I

I I I I

I I I I I

I I I I I

I I I I I

I I I I I

I I I I I

0 1 1 1 1 1

14 1.45 15 1.55 1.6 1.65 17

Frequency

Fig. G4. Half-Power Bandwidth Damping - Roller

Similar to the logarithmic decrement method, the half-power bandwidth method
confirmed the damping ratio to be approximately 2%. Although only the results in the
longitudinal direction are checked to verify the damping, similar results are expected in

the transverse and vertical directions.
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APPENDIX H

ADDITIONAL DEMAND MODELS

Maximum Total Drift vs. Spectral Displacement/Drift

As mentioned in this report, a demand model is created based on the relationship
between the maximum total drift obtained from OpenSees and the square root of the sum
of the squares of the spectral displacement values in both the longitudinal and transverse
directions. The following equations, similar to those for spectral acceleration given in

this report, explain the variables in this demand model.

Atotal,true = max (\[ Ai + A?, ) (Hl)
Sd,SRSS =4 Sc?,x + Sj,y (H2)

Fig. H1 (a) and (b) show the demand model in both the natural log and original space.

Max Total Drift vs. SRSS Spectral Displacement Max Total Drift vs. SRSS Spectral Displacement
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Fig. H1. Demand Model (based on S gpes)
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Table H1 gives the values for the unknown parameters, along with the

corresponding statistical information for each parameter, for the previously described

demand model.

Table H1. MLE Statistics for Parameters in Total Demand Model ( Sy gzss)

Correlation Coefficients

Standard
Case Parameter Mean Deviation 6, 6 o
FCFB 6, -1.0210 0.0480 1.0 -0.7188 0.0228
0, 0.9264 0.0323 -0.7188 1.0 -0.0000
o 0.3113 0.0748 0.0228 -0.0000 1.0
FCPB o, -0.9882 0.0523 1.0 -0.7485 -0.0268
6, 0.9276 0.0333 -0.7485 1.0 0.0320
o 0.3287 0.0252 -0.0268 0.0320 1.0
NCFB 6, -1.0820 0.0535 1.0 -0.7927 0.0348
0, 0.8724 0.0299 -0.7927 1.0 -0.0192
o 0.3195 0.0247 0.0348 -0.0192 1.0
NCPB 6, -1.0506 0.0587 1.0 -0.7992 -0.0341
0, 0.8710 0.0337 -0.7992 1.0 0.0481
o 0.3353 0.0253 -0.0341 0.0481 1.0

One limitation of the previous demand model is that the spectral displacement
values along the x-axis have units of inches while the OpenSees data along the y-axis is
in percent drift. As a result, the data on both axes cannot be directly compared. Because
of this limitation, one more demand model is developed following the same procedure.
This demand model is almost identical to the previous one; however, it accounts for the

spectral drift, as opposed to the spectral displacement. The drift value effectively
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normalizes the spectral displacement data based on the height of the column and allows

the data to be directly compared with the OpenSees total drift values. Fig. H2 (a) and (b)

show the results of this demand model.

Max Total Drift vs. SRSS Spectral Drift
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Fig. H2. Demand Model (based on S g5 (%0) )
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The values for the unknown parameters for each case, and their corresponding

statistical data, are shown in Table H2 for this demand model.

Table H2. MLE Statistics for Parameters in Total Demand Model ( Sy ¢ps5 (%) )

Correlation Coefficients

Standard
Case Parameter Mean Deviation 6, 6 o
FCFB 6, -0.0033 0.0338 1.0 -0.0910 0.0035
0, 0.9267 0.0306 -0.0910 1.0 -0.0481
o 0.3113 0.0235 0.0035 -0.0481 1.0
FCPB 6, -0.0309 0.0336 1.0 0.0484 0.0635
6, 0.9276 0.0265 0.0484 1.0 -0.0888
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Correlation Coefficients

Standard

Case Parameter Mean Deviation b, 6 o

o 0.3287 0.0238 0.0635 -0.0888 1.0
NCFB 6, -0.1236 0.0360 1.0 -0.3446 -0.0877
6, 0.8724 0.0372 -0.3446 1.0 0.2393

o 0.3195 0.0259 -0.0877 0.2393 1.0
NCPB 6, -0.0937 0.0398 1.0 -0.3097 -0.0384
0 0.8710 0.0325 -0.3097 1.0 0.0179

oz 0.3353 0.0251 -0.0384 0.0179 1.0

OpenSees Maximum Total Drift vs. Calculated Maximum Total Drift (based on Sq)

Following the same procedure explained in the report, a demand model is developed

comparing the maximum total drift obtained from OpenSees to the maximum total drift

calculated based on the spectral displacement data in the separate longitudinal and

transverse directions. The first step in creating this demand model is to develop the

relationship between the maximum drift and the spectral displacement values in both the

longitudinal and transverse directions. These relationships are shown for the FCFB and

NCPB cases in Fig. H3 (a) and (b) in the natural log space.
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Max Drift vs. Spectral Displacement - X Max Drift vs. Spectral Displacement - Y
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Fig. H3. Maximum Drift vs. Spectral Displacement

The data in the previous figures is analyzed using the MLE method, and

equations of the following form are developed,

ln(Axmcalc ) =6, +6,, -ln(SdﬂX)J_rO'Xg (H3)
(A, )=6,,+6, In(S,,)*o. (H4)
where A, is the maximum drift in the longitudinal direction, A, " is the maximum

‘max,calc

drift in the transverse direction, and S,, and S, are the spectral displacement values in

the longitudinal and transverse directions, respectively. The values for the unknown

parameters (6,, 6,, and o) in each equation are given in Table H3 and Table H4 below

for the longitudinal and transverse directions, respectively.
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Standard

Correlation Coefficients

Case Parameter Mean Deviation '90»( '91.x Oy
FCFB 4909( -0.9755 0.0375 1.0 -0.6898 -0.0002
Ix 0.8799 0.0245 -0.6898 1.0 -0.0412

o, 0.2558 0.0193 -0.0002 -0.0412 1.0
FCPB 6’0’X -0.9418 0.0396 1.0 -0.6651 0.0136
491,,( 0.8814 0.0251 -0.6651 1.0 0.0461

o, 0.2771 0.0781 0.0136 0.0461 1.0
NCFB 190,)( -1.0402 0.0440 1.0 -0.7924 -0.0594
6’1,x 0.8250 0.0247 -0.7924 1.0 0.0584

o, 0.2515 0.0193 -0.0594 0.0584 1.0
NCPB 190,)( -1.0124 0.0465 1.0 -0.7449 -0.0296
191,)( 0.8248 0.0258 -0.7449 1.0 0.0153

o 0.2746 0.0209 -0.0296 0.0153 1.0

<

Table H4. MLE Statistics for Parameters in Transverse Demand Model ( Sd’y )

Correlation Coefficients

Star}dgrd 9 0 o

Case Parameter Mean Deviation 0.y Ly y
FCFB 49073, -0.8133 0.0445 1.0 0.0956 -0.0386
Ly 1.0484 0.0376 0.0956 1.0 -0.0446

o, 0.4136 0.0315 -0.0386 -0.0446 1.0
FCPB Ho’y -0.7958 0.0446 1.0 0.0712 0.0155
191,3, 1.0553 0.0385 0.0712 1.0 -0.0047

o, 0.4209 0.0328 0.0155 -0.0047 1.0
NCFB eo,y -0.7952 0.0453 1.0 0.0874 0.0275
491,y 1.0304 0.0407 0.0874 1.0 0.0473

o, 0.4248 0.0316 0.0275 0.0473 1.0
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Table H4. Continued

Correlation Coefficients

Standard

Case Parameter Mean Deviation '90,y 01,3' Oy
NCPB Qo,y -0.7768 0.0452 1.0 -0.0118 -0.0266
Ql,y 1.0393 0.0382 -0.0118 1.0 -0.0163

o, 0.4319 0.0322 -0.0266 -0.0163 1.0

Once the equations for the maximum drifts in the longitudinal and transverse
directions are developed, the data is combined to calculate the maximum total drift. The

following equation is used for this calculation.

Atotal,calc = \/A>2< + AZ (HS)

'max,calc ymax,calc

After the calculated maximum total drift is determined, it is compared to the
maximum total drift obtained from the OpenSees dynamic results. The resulting plot is

shown in Fig. H4 for the FCFB and NCPB cases.

OpenSees Max Total Drift vs. Estimated Max Total Drift (from Sd)
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Fig. H4. OpenSees Maximum Drift vs. Calculated Maximum Drift (based on S )
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Similar to the demand model based on S,, the data in the previous demand

model can be represented with a single linear model in the natural logarithmic space

with the following equation,
In (Atotal,true ) = 90 + 01 ‘In (Atotal,calc ) toe (H6)

where all unknowns are defined previously in this report. The values for all unknown

parameters in this demand model are shown in Table HS5.

Table H5. MLE Statistics for Parameters in Total Demand Model (baed on S, )

Correlation Coefficients

Standard

Case Parameter Mean Deviation 6, 6 o
FCFB 6, 0.5172 0.0556 1.0 0.4627 -0.0025
6, 0.9291 0.0408 0.4627 1.0 -0.1216

o 0.3867 0.0312 -0.0025 -0.1216 1.0
FCPB 6, 0.5272 0.0513 1.0 0.4425 -0.1176
6, 0.9273 0.0397 0.4425 1.0 -0.0485

o 0.4032 0.0320 -0.1176 -0.0485 1.0
NCFB 0, 0.6131 0.0508 1.0 0.4763 -0.0620
6, 0.8946 0.0402 0.4763 1.0 0.0054

o 0.3915 0.0304 -0.0620 0.0054 1.0
NCPB 6, 0.6189 0.0514 1.0 0.4243 -0.0123
0, 0.8884 0.0404 0.4243 1.0 0.0366

o 0.4061 0.0324 -0.0123 0.0366 1.0

This demand model can be used in conjunction with the capacity model

described in this report to determine the fragility of the bridge.
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APPENDIX |

CAPACITY MODEL VERIFICATION

When verifying the capacity model for this bridge, a section analysis is performed using
PCA Column, USC_RC, and OpenSees to determine the critical moment and curvature
values required. Table I1 shows the results for the FCFB case, and Table 12 shows the
results for the NCPB case. The results are slightly different because of the modeling
assumptions made in the respective programs and the slight difference in the definition

of the parameters.

Table 11. Moment-Curvature Comparisons (FCFB)

Property OpenSees USC RC PCA Column
g, (1/in) 0.00010414 0.00011700 0.00006162
¢, (1/in) 0.00140997 0.00106904 0.00074618
M, (k-in) 88,494 75,262 79,661
M, (k-in) 102,435 125,793 106,214

Table 12. Moment-Curvature Comparisons (NCPB)

Property OpenSees USC RC PCA Column
g, (1/in) 0.00012049 0.00014001 0.00007358
¢, (1/in) 0.00136994 0.00102591 0.00102743
M, (k-in) 61,542 67,428 63,728

M, (k-in) 74,191 105,267 88,512
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A graphical comparison of the FCFB data is also developed, and it can be seen in
Fig. I1. This figure shows that the values obtained for the yield curvature and moment
are fairly comparable among the three cases; however, the definition of the ultimate

curvature is significantly different in all three cases.
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Fig. I11. Moment Curvature Comparison

The values obtained from OpenSees will be used for the capacity model because
they are obtained following the procedure presented in Gardoni et al. (2002). Based on
the results obtained from PCA Column and USC RC, the OpenSees values are verified

to be within the correct range and are assumed to be accurate.
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APPENDIX J

ADDITIONAL FRAGILITIES

Using the demand model developed in APPENDIX H and the capacity model developed
in this report, the demand, capacity, and fragility curves shown in Fig. J1, conditioned on

Sisrss are developed. The same process described in this thesis for the model

conditioned on S, s is used when developing this figure.

Capacity and Demand Distributions
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Fig. J1. Capacity and Demand Models with Corresponding Fragility (based on S gzes)
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